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For most families, owning a home is considered the major investment of their
lifetime. Because this~agset is so important to continued enrichment of their lives,
maintenance trequirements that result from home foundation problems should be
addressed prior to their acquisition. Unfortunately, many house foundations are neither
built to meet challenges of their expansive soil environment nor built to address moisture
changes from various seasonal fluctuations. As a result of design and construction
deficiencies, foundation failures may occur on a regular basis. In fact, the Department of
Housing and Urban Development estimated foundation damage caused by expansive clay

soil at $9 billion per year in 1981 (Jones 1981), which would make it more destructive
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than any other natural disasters including tornados, hurricanes and earthquakes. More
recent estimates by Witherspoon (2000), based on data collected from foundation repair
contractors, places this damage total at an approximate $13 billion per year. This cost is
enormous and explains the severity of concerns for home owners situated in expansive
clay zones.

Since these foundations must be repaired when they fail, a large industry has
grown to address the needs of homeowners everywhere. Although a feundation may rise
or fall, the dominant cause of problems is foundation settlement-gs the clay consolidates
under the load of the foundation or the clay swells and shrinks after wetting and drying.
To address these problems, a repair contractor frequentiy will install underpinning under
the perimeter of the foundation and lift the low_segment(s) back to a more desirable
elevation position and thus prevent the distressed segment from dropping in the future.
To address the interior, a foundatienrepair contractor will either place underpinning
under interior grade beams or‘lift e slab with a process called mudjacking that first fills
voids and then lifts the.sitattwith injection pressure from the grout flow. By filling voids,
the load of the slab ill not shift to foundation contact areas where pliable clay soils may
deform over time“and allow settlement of the interior slab.

Underpinning techniques, using drilled shafts have received extensive testing and
research to develop standards for design and practice, whereas other methods such as
hydraulically pressed piles have not been researched to determine proper design or
construction practices. Since underpinnings are predominantly used to lift the distressed
foundations, it is important to understand their axial load transfer mechanism. Uplift

issues are not focused in this research since these are deep foundation types and can go
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beyond the active depth of a test site. This research is an attempt to conduct
comprehensive field studies on a variety of underpinning methods in order to understand
axial load capacity of each underpinning technique at different weather conditions. Tests
were conducted on each of the underpinning methods installed in expansive clays where
skin friction transfer along the foundation length is the dominant load carrying
mechanism.

Underpinnings including drilled straight shafts, drilled belled\ skafts, augercast
piles, helical piers, pressed steel and pressed concrete piles weregonstructed utilizing the
assistance of contractors who have been working with gia¢se underpinning methods.
Standards of practice were followed to test the undéspibning in a manner that would be
fair, uniform, accurate and representative of actual site conditions. Final axial load
capacity was measured by performing tests otrfoundations following ASTM D1143.

Actual practices for the helical aiichors, pressed concrete and pressed steel pilings
were reviewed to establish diive!pressures available (pressed pilings) and torque drive
(helical piers) for a norntalresidential underpinning project. In the case of drilled shafts,
the normal active depth requirement for the local site expansive clay was determined, and
the drilled straight shaft, drilled belled pier and augercast pile were extended beyond this
active depth to be consistent and representative for local designs in this region. To allow
for set-up and understand load transfer mechanisms in different climatic conditions, half
of the subjects were installed in the dry season of August and September and tested in
wet season of April, while another set was installed in April and tested in August.

Results of this research included a more accurate method for predicting pressed

piling capacities, a skin friction value that was the same for drilled straight shafts and
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augercast piles, and how the time of soil testing affects the implementation of predictive
formulation for drilled shafts and augercast piles. Also, future research directions are
presented to further enhance the predictions of axial capacities of underpinnings in

expansive soil media.
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CHAPTER 1

INTRODUCTION

1.1  Introduction

A home is usually the single most important investment that a family will make in
their lifetime. It provides shelter and comfort and also enhanees the quality of life. Homes
are seldom built in environments or soil conditions thatrare perfect for construction. To
complicate matters, the type of construction, is\many times selected solely because of
economics. As a result, of the economic drivinig forces, foundations built on challenging
soil conditions fail at an alarming rate\because design and/or construction quality control
does not address soil movements, {*Om these environmental factors.

Many types of foundations have been developed including: pier and beam made
of wood and concrete, concrete slab-on-grade, concrete and masonry stem wall systems,
and others. Each/foundation system has unique advantages and deficiencies. The final
section of a foundation system should always satisfy both soil and environmental
conditions. Construction practices for the foundation system should also address these
conditions in order to achieve a successful, stable, durable and distress free foundation
system that will protect the homeowner’s investment.

Soil conditions and characteristics have a major influence on the foundation

design. Among soils, expansive clay soil presents the greatest challenge to engineers and
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contractors. Problem clays will expand in wet conditions and shrink in dry
conditions. A foundation system should be able to withstand these soil movements
without cracking. For example, a slab-on-grade foundation system that is not designed
rigidly enough to resist bending moments from differential soil movements, will
differentially move various segments of the foundation as the bearing clay expands or
shrinks with water saturation and desaturation. It should be noted that even in dry
conditions, the clays can shrink and this shrinkage causes segmentsof. the foundation to
either settle or uplift due to warping of the underlying clays.

If the foundation system is a pier and beam and\tii¢piers are not terminated into
strata deep enough to resist movement or belled torssist this movement, the piers may be
pulled down by downward drag from expangsive clay relative to the shafts or uplifted by
the swelling clays pushing the piers unward as a result of uplift induced skin friction
along the sides of the pier surface.Other foundation systems are often affected in a
similar manner and can res¥ltyin foundation distress or even failure when they are not
properly designed or cerStructed.

The Depattrhent of Housing and Urban Development estimated the damage
caused by expansive clay soil at $9 billion per year in 1981 (Jones 1981). Other experts
reported similar costs (Chen 1987; Wray 1995) and a more recent study reported by this
author estimates the cost to be in excess of $13 billion (Witherspoon 2000). The
paramount magnitude of this financial loss makes the expansive clay induced damage
greater than any other natural disasters including the combined damages caused by:

tornados, hurricanes, and earthquakes (Holtz 1981).
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Remedial repairs to a foundation that has been lifted by swelling clays will
normally require addressing the upheaval problem and in some cases lower portions of
the foundation structure will need to be elevated to relieve distress and provide a more
even walking surface. In the case where a portion of the foundation has settled because of
bearing clay subsidence, the normal method of repair is underpinning to provide a base to
lift the perimeter and prevent future settlement (U.S. Dept. HUD 1997). To address these
soil related problems, various underpinning techniques have been dex<loped. The most
commonly used remedial underpinning techniques include: driiled piers (straight and
belled), augercast piles, helical anchors, pressed concrete pitesyand pressed steel piles.

Drilled shafts have been studied for a lgWg time and tested in various
environments and soil conditions (O’Neill and_Keese 1992 & 1999). Much of this
literature work on drilled shafts has. been sponsored by the Federal Highway
Administration (FHWA), States’ “epartments of Transportation (DOTs) and the
International Association of Fouwridation Drilling (ADSC). This research has resulted in
various research reports,*d¢sign guides and standard practices (O’Neill and Reese 1992
and 1999).

Because«et side wall caving, casing or slurry drilling was utilized to achieve the
required axial load capacity for drilled piers (Black 2005). Augercast piles were
originally developed to provide an economical method of casting a drilled shaft in
subsurface conditions where the water table is high in granular soil conditions. A
considerable number of published articles on augercast piles are available, but estimating
their capacity has been more of a site specific testing than predictive calculations that are

common with drilled shafts (ADSC 2005). Since the augercast is mostly used in granular



conditions, there is not a plethora of research available in expansive clay soil that
demonstrates how the piles transfers loads to foundation subsoils.

Helical anchors have been used to support vertical load capacity for a long time
but their usage in remedial underpinning applications has grown over the past thirty
years. While there are numerous research papers depicting axial load capacity of helical
anchors, the papers that address axial load capacity in expansive clay soils are sparse.
Also there are no studies where there is a comparison analysis on how-these foundations
perform with respect to those that are formed by either drilling gperations (drilled shafts
and augercast piles) or pressing operations (pressed concrete-aind pressed steel piles).

The pressed steel and pressed concrete pile wsdge in remedial underpinning has
seen a dramatic growth over the past twenty yeate.and they are in this author’s experience
the most popular expansive soil foundatioi repair system currently in practice. No
published research, however, is &vatiable to determine their axial capacity in an
expansive soil media and comipafe their performance with respect to other types of
foundation installation sycténs used in expansive clay soil sites.

This dissertation research has attempted to address various underpinning systems
installed in the-expansive soil, evaluate their load transfer mechanisms and then rank
them according to their performance in field conditions. Due to the extensive amount of
testing and research publications on drilled shafts, it is reasonable to assume that their
foundation performance will provide a good base line for use as a control, with proven
results. Hence, the drilled shaft method was used for comparison with the results of other
foundation systems using different construction procedures. Other analyses attempted in

this research were: to deduce the load transfer mechanism of other foundation repair
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systems installed with different processes and to evaluate their effectiveness when used in
an expansive soil environment.

As noted earlier, the majority of research information on other underpinning
systems in expansive soils is either not available or not being conducted by independent
agencies, or in some cases, is still being conducted. Hence, this present research is a
unique and first attempt to independently verify the load transfer mechanisms of different
underpinning systems and compare their performance in relation“t¢. other foundation
systems that are more commonly used in geotechnical practice,“Also, the focus of this
research was on axial load transfer mechanisms, and ngt\Git uplift considerations since
these underpinning elements is often used to liff-the distressed foundations and is
normally deeper than active depths at a test sito, Hence, the research was focused on axial
load transfer mechanisms of the underpiniirig elements in expansive clays.

It should be noted here thdt/this comparison analysis is not an attempt to either
support or not support diffeizrit 'underpinning systems. Instead, it is an attempt to better
understand the loads tzafisterred by various foundation systems and the performance of
the systems curzreritly utilized in remedial underpinning in areas of expansive soil.

Because of the growing residential foundation repair market and their reliance on
underpinning systems for mitigation of movement problems, this research provided an in-
depth study on actual comparisons among six common underpinning types. This
information can be used by the foundation and structural engineers, along with prudent
engineering judgment, in the selection of the most appropriate underpinning technique for

their foundation projects in an expansive soil environment. Another positive outcome



expected is that foundation contractors can enhance their foundation underpinning

systems by addressing the load transfer mechanisms reported in this research.

1.2

1.3

Research Objectives

The main objectives of this research are to:

Determine the axial load capacity of six types of underpinning methods in
expansive clay.

Establish axial load capacity variations when they are insialled and tested across
seasonal changes (wet to dry and dry to wet).

Compare load capacities among the present sixUnderpinning techniques.

Evaluate the currently available load prediction models for reliable estimation of
load capacity of each underpinnixg element and determine if any modifications
are necessary.

Determine limitations\of each underpinning method and their installation
practices.

Develop empirical and semi-empirical models that provide a reliable prediction of
axial capacities for the helical anchors, pressed steel piles, and pressed concrete
piles in expansive soil environment.

Scope of Present Research

The scope of this dissertation research is confined to the following areas:

To study axial load capacities for commonly used residential remedial

underpinning methods in expansive clay soils. Installation methods were



performed as per the acceptable and common practices followed by contractors.
To study axial load capacities for commonly used residential remedial
underpinning methods in expansive clay soils. Installation methods were
performed as per the acceptable and common practices followed by contractors.
Installation seasonal conditions were varied from ‘dry to wet’ and ‘wet to dry’
seasonal moisture conditions.

The site chosen for this research is located in south Irving,\lexas where soil
borings showed that no bedrock was present for an approfmate depth of 63 feet.
Typically, the research results are only applicablewior this type of soil condition
and may not be valid for other soil conditiaris:

The geographical location of this site is*a semi-arid climate, which means that in a
normal season moisture conditietis range from extremely wet to long periods of
drought. This has an effec{On the present test results and should be considered
when evaluating or exténding the present research findings to other sites.
Recommendationg for axial load capacity are confined to the present site
environmental and subsurface conditions, which may be different for other
locations.

The number of underpinning foundation subjects tested in this research may not
be comprehensive enough to establish empirical formulas for future prediction of
axial capacities. These equations should be considered as preliminary and could
be evaluated for future modifications. Therefore, statistical formulas to determine

variances and true means from the sample mean may be unrealistic.



e For the pressed piles, a driving pressure was established to emulate actual
installation pressures. This procedure meant that the piles would reach varying
depths and with the cross season time from installation to testing variances in
final axial load would be probable.

In spite of the above limitations, one should note the challenges faced in the
execution of this dissertation research provided a unique opportunity to accomplish the
proposed research objectives in better understanding of axial load transfer mechanisms.
1.4  Dissertation Organization

This report consists of 8 chapters. These chaptersvare: Introduction (Chapter 1),
Literature Review (Chapter 2), Methodology (Chepter 3), Axial Capacity Testing
(Chapter 4), Empirical Capacity Predictions (Chapter 5), Comparisons between Predicted
to Actual Capacity (Chapter 6), Ovetalll Axial Capacity Comparison (Chapter 7),
Summary and Conclusions (Chaptér 3).

Chapter 2 provides af{syrnmary of literature review on the underpinning methods
being tested in this resediich project. Information in the literature presented was acquired
from this auther’s_personal library, data compilation from previous research, internet
searches and contributions from various practitioners, educators and contractors across
the world.

Chapter 3 is a presentation of methodology that went into this research. It
includes: soil borings and laboratory testing, cone penetration or CPT detailing,
installation of reaction piers and beams, installation of test subjects, preparation and

calibration of the test equipment and test documentation.



Chapter 4 provides a summary of test results for each element grouped into the
appropriate underpinning method.

Chapter 5 provides predictive calculations of each underpinning element grouped
into the appropriate underpinning method. In addition to the common predictive models,
other methods and modifications are presented.

Chapter 6 is a comparison between predictions made for each underpinning
element and actual load test results. The coefficient of determination provides a measure
of various assumptions and predictive methods.

Chapter 7 provides an overall comparison of all thestinderpinning systems. This
comparison includes not only axial load comparisonibifralso a comparison of deflection
verses load for each underpinning element.

Chapter 8 presents summary and..coriclusions based upon the present research
results. References containing sour¢es\of the literature reviews are included in the last
section with an additional listing.c{ the various contributors for their in kind and financial

support of this research



CHAPTER 2

LITERATURE REVIEW

2.1 Introduction

The available literature related to remedial underpinning tethniques has been

identified and collected. This literature includes: various jodraals, theses, dissertations,

conference articles, books, reports, standards and propsietary design manuals that were

made available to this engineer. This data is surimarized in this chapter in the following

sections:

a)

b)

c)

d)

e)

Drilled Shafts- Straighe

Drilled Shafts~BEelled

Augeroast Piles

Helical Anchors

Pressed Steel Piles

Pressed Concrete Piles

10



The first section presents the different underpinning techniques that are the
subject of this research. A brief history and technical aspects of these methods is
presented to provide a background for testing, evaluation and design of each method.

The second section describes load testing methods utilized to test the

underpinning subjects.

2.2 Underpinning Techniques
2.2.1 Drilled Shafts- Straight

The drilled shaft underpinning method has beeri-one of the earliest methods used
for underpinning operations and has been thorGughly and comprehensively tested and
reported in the literature (O’Neill and Recse 1992 and 1999). Prior to the modern drilled
shaft, wells were hand dug in the ground and then filled with everything from concrete,
mortar, and brick, to treated ‘and untreated wood or rock that was compacted. This
method of hand excavated.caissons was very popular in the early 1900’s in Chicago and
the Great Lakes apeawhere it was necessary to transfer loads to the hard clay or hardpan
to support massive structures of that era. In many of these cities there was a hard pan or
bedrock so close to the surface that engineers were forced to excavate to a depth suitable
for the required loads (Winterkorn and Fang 1975). Since the caisson provided
confirmation of termination into specific strata and verification of axial capacity, they
gained popularity with engineers who were designing buildings necessary for the needs

of large cities all over the world.
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With the continued development of technically advanced equipment, the first
machine excavation auger was constructed around 1908 that was capable of drilling 12
in. diameter shafts up to depths between 20 ft to 30 ft below the surface. During this
period there is also a record of horse-driven rotary machines that were used to drill holes
for the installation of shaft foundation systems in San Antonio, Texas (Greer 1969).
Some of these foundation systems installed around 1920 were 25 ft deep (Greer 1969).

The early 1930’s brought further development of drilled shaft equipment by Hugh
B. Williams of Dallas, Texas who developed and sold light-truck mounted drilling
machines that were ideal for residential foundation driliing (Anon 1976). With the
development of drilling machines, the drilling contraciors developed bits and reamers to
drill rock and the capacity for drilling very\large diameter holes to great depths.
Meanwhile, contractors in Europe were psing drilled shafts with primary load capacity
from side friction and not just end bearifig as was popular in the U.S. (FHWA 1988)

Further developments<intiuded usage of casing to drill through weak and
collapsible soils and .p¥event caving problems that prevented drilled shaft usage.
Development of polyimer slurries and use of oil field mineral slurry technology provided
further protection’ against bore hole instability and opened up even greater usage of the
drilled shaft.

The advent of computers and development of analytical methods and load testing
programs further added to the growth and acceptance of the drilled shafts. Extensive and
accepted research by Whitaker and Cooke in 1966 and Reese in 1978 improved empirical
determination of load capacity of drilled shafts and provided construction quality control

methods that made the drilled shaft even more versatile and accepted (Whitaker and
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Cooke 1966; Reese 1978). Prof. Michael W. O’Neill of the University of Houston, who
spent his life studying behavior and construction of drilled shafts in various environments
and soil conditions, has been recognized as one of the pioneers for the advances in drilled
shaft and deep foundation research.

As a result of the extensive research, the modern drilled shaft has become a
sophisticated foundation technique whereby a vertical in situ columnar element can
transmit loads to more suitable soil strata capable of supporting the intended structure,
resisting lateral loads and stabilizing soil and rock in problem corditions.

Several design and construction practices for drilled\shaft foundation have been
documented in the FHWA Dirilled Shaft Manual, whict{was first produced in 1988. This
manual was most recently revised and edited vy O’Neill and Reese in 1999 (FHWA
1999). Predictions of axial capacity of driiied shafts are developed based upon soil
characteristics, which can be directi¥ wiieasured by conducting laboratory studies or by
performing in situ field tests. HeriCe, the best predictions of these methods depend upon
accurate characterization*ofisoil parameters.

Since characterization of soil characteristics is the most crucial ingredient in the
prediction of lead capacities of foundations, an attempt is made in this research to
conduct soil borings, sampling and laboratory testing along with in situ CPT logging.
This soil investigation allowed the researcher to analyze load capacity of underpinning
elements via laboratory determined soil properties and those determined from in situ tests
using semi and empirical correlations.

Drilled shafts were originally designed for end bearing with no allowance for skin

friction (Terzaghi 1943). Load tests by several researchers, however, showed that drilled
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shafts carry a considerable amount of axial load in skin friction and as a result, new
formulae were developed to include a skin friction component in the axial load
expression (O’Neill and Reese 1999). The following is an accepted formula for
calculation of axial capacity of a drilled shaft that was introduced in the 1988 FHWA

Design Manual (FHWA 1988):

Qr=0Qs + Qs 2.1
where

Qr = ultimate capacity of the drilled shaft (1bs)

Qg = end bearing capacity (Ibs)

Qs = side resistance or skin friction capacity/(Ibs)

The calculations depicted above must'then be reduced to allow for an allowable or
working load for the shafts as follows:

Qa=Qr/Fs (2.2)
where

Qa = allowaiie working load (Ibs)

Fs = factet of safety

Subsequent to that design manual great strides were made in further development
of predictive calculations of drilled shafts as presented in the 1999 FHWA manual. The
modern equations are similar but are identified as follows:

Rt~ =Rsn + Rpn (2.3)
where:

RN = total nominal ultimate capacity of the shaft (Ibs)

14



Rgn = nominal ultimate side resistance of the shaft (Ibs)
Rgn = nominal ultimate base resistance of the shaft (Ibs)
For cohesive soils (not rock) that this research is being conducted, where s, is

greater than 1 tsf and the length is greater than three times the diameter, the base

resistance (Ryp) in terms of qmax can be expressed as:

Qmax = 9 X sy (2.4)

In cohesive soils (not rock), side resistance in terms of f,,5»0f each soil layer must
be calculated for each strata/layer that the drilled shafts pengtiates.

fnaxi = 00X Sy

(2.5)
where:
fmaxi = side resistance for compressive loading in layer i (psi.)
o = adimensionless correlaiion coefficient defined as follows:
o =0 betweernlhe surface and 5° deep (1.5 m) or the depth of seasonal
morsidre change, which ever is deeper
a =0 for a distance of the bell diameter up from the bottom of the shaft.
o~ = 0.55 elsewhere for s, / p < 1.5 and varying between 0.55 and 0.45
for s,/p between 1.5 and 2.5 as graphically depicted by Figure B-9
(FHWA 1999) p is the atmospheric pressure, which is 14.64 psi
(101 kPa).
sy = undrained shear strength for the layer being calculated. (psi)

As explained above, each layer must be considered individually and the total side

resistance is the sum of resistance offered by each layer.

15



2.2.2 Drilled Shafts- Belled

The drilled shafts are belled or underreamed at the bottom to provide added axial
capacity and prevent the pier from lifting as a result of expansive soil forces against the
shaft. The normal reason for belling is that it is more economical to bell at a point below
the active zone than to drill a straight shaft deep enough or socked into a rock formation
to provide not only sufficient bearing capacity but also prevent uplift as a result of clay
frictional forces along the area of the shaft. With belled piers the tetal’weight of soil
above the bell will not be affected by moisture changes. Thereiors, there is the added
factor of safety against uplift. In expansive clay soils, however, there is a need for greater
reinforcement to resist tensile forces on the pier (Chen 1575).

In most cases the straight drilled shaft to a.d¢termined depth will provide a greater
axial load capacity and hence be more stabié. When the depth requirements are great,
belling at stable and sufficiently defise.strata is the more economical solution. Although
confirmation of bearing strata and”depth are visibly easy, the need for quality control is
even more important to.inake sure the pier meets requirements of design. Shallow water
conditions, caving siGes, bells collapsing and cleanup issues may also be a consideration
in residential usage.

Calculations for the drilled and belled shaft are done in the same manner with two
exceptions. The area for calculating bearing resistance, q = diameter of the bell x
undrained shear strength x 9 (N¢) in lieu of just the shaft diameter. Side resistance
calculations are calculated at the top/roof of the bell upward and not up the total length of
the shaft. Tests of belled piers suggest that when axial compression loads are applied that

there is a suction created at the top of the bell that increases axial capacity of the belled
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shafts by an approximate 5% (Tand et al. 2005). This factor was not included in this
research.
2.2.3 Augercast Pile

The augercast pile developed in the 1940’s as a result of pressure grouting open
holes and holes backfilled with coarse aggregates (Neate 1988). The first patent for
augercast piles was issued in 1956 with a process of pumping grout down a hollow-stem
continuous flight auger as the auger is gradually extracted. Since the~oxpiration of this
patent in 1973, the augercast pile has increased in usage around fie World (Neely 1989).
There are two primary underpinning techniques used in Ewrope, the helical/screw pile
and the augercast pile or continuous flight auger (CFA (0O’ Neill 1994).

The equipment requirement for augercasi.piles is similar to drilled shafts, except
that the drilling tool is a continuous auger st€m with the appropriate bits at the bottom.
When the auger reaches the targeted«depth, grout is pumped down the hollow auger stem
to push soil up as the bit is exiracted out of the ground (Cernica 1995). The contractor
will calculate grout voluineland make sure the grout stays ahead of the extraction so that
no voids will be created as a result soil caving in what is normally a wet environment
prone to collapses

Calculations to estimate axial load capacity include the side friction capacity, and
this allowance for augercast piles is higher than the same for drilled shafts. To verify the
axial loads estimated by the calculations, site specific axial load tests are performed prior
to starting the project. Recent field testing, however, indicates that the allowance for skin
friction with augercast piles may not always be advantageous for augercast piles when

compared to the drilled shafts (Kitchen et al. 1995). In one recent foundation project for
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the Bryant-Denny Stadium in Tuscaloosa, Alabama, the initial bid was over budget,
which led to value engineering testing of drilled piers. The load tests on shafts showed
that skin friction mobilized on the drilled shafts was sufficient for a direct comparison
with the original augercast pile design. As a result, cost savings were realized with the
use of the drilled shaft and the project was completed within the budget (Kitchens et al.
2005). Therefore, the engineer must evaluate the subsurface to determine which system is
most favorable for a specific site condition.

It should be noted that in Europe, the skin friction allowances for both augercast
and drilled shafts are the same (De Cock 1997). Hengey axial load estimation and
comparison between drilled shafts and augercast (piles should provide valuable
information that can result in savings of project expenses for future projects.

While the normal environment for dugercast piles has been noncohesive soils,
there is a growing trend to use thisxmi€thod in cohesive soils where drilled shafts have
long been used. One of the probielixis encountered in using augercast piles in cohesive soil
is that soils block the angerland prevents further penetration because of this resistance to
removal of spoil (Neely 1990). This research addressed this issue because of the use of
relatively shallow’ depth of foundation and comparative testing to evaluate skin friction
and end bearing components, which should add valuable data for the design engineers
dealing with deep foundations.

Most augercast piles are reinforced with a single bar through the center. For
purposes of a fair comparison with the drilled shaft, the same reinforcement as that of the
drilled shaft was inserted into the grouted shaft immediately after completion of the

augercast pile process.
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2.2.4 Helical Anchors

Screw Anchors have been used for over 200 years with records dating back to the
19™ century as a support for English Lighthouses (Smith 2004). First use in the U.S.
appears to be in 1838 but they were not used for deep foundations because of the inability
to brace them below the surface (Jacoby and Davis 1941). They also have a long history
of support for power lines and as tie-back anchors. It was not until 1980, however, that
interest increased for use of the helical screw anchor piles as a vesticial compressive
system for foundations (Bradka 1997). The most dominant margfacturer and developer
of these anchors was the AB Chance Company. Helical Amc¢hors or Screw Anchors as
they are sometimes called have been used in the\telzcommunications industry as a
foundation anchor for cell towers in very difficult €nvironments. Over the past 20 years,
however, this usage has been utilized. for” vertical building support in both new
construction and remedial repair. In"Europe there is an increase usage for helical anchors
for vertical structure support becadse of its economy of installation and ability to match
difficult subsurface conditic¢ns (O’Neill 1994).

Anchors are easy to install in low headroom conditions, they produce no
vibrations and because the soil displaces in the void created by the auger flights, there is
no spoil to haul-off (Smith 2004). In soft soils, the helical anchors will penetrate to
greater depths, which many times will lead to buckling of the slender steel shafts during
loading. Therefore, their usage has normally been restricted to foundations for temporary
and mobile structures (Vyazmensky 2005).

Engineers who use helical anchors for new construction will use soil geotechnical

information to not only specify the required depth but also to estimate the ultimate
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capacity. With the soil data and specifying a torque requirement, it is believed that
engineers can determine empirical axial capacity (Seider 2004 ; Carville, et al 1994). In
normal conditions, the higher the installation torque, the higher the axial capacity. One
such design factor is (Seider 2004 ; Carville, et al 1994):

Q=KxT (2.6)
where:

Q = ultimate capacity of the screw pile

K= empirical torque factor (Ibs/ft-1b), (This factor dependsyupon soil conditions

and the helical anchor shaft diameter and configuration)

T = average installation of torque (ft-1bs)

Studies by Hubbel Power Systems (A. B.*Chance Company) showed a good
correlation between torque to SPT and uplift capacity on helical anchors in several
studies (Hoyt and Clemence 1989). Wiiie the use of the Seider formula provides strong
analysis for pull-out strength, the ¢fudy was attempted on vertical or axial compressive
loading.

The AB Chanece Company provides its installers with design programs and charts
where the installation torque and blow count are read off a chart (Figure 2.1) to determine
the expected axial load capacity. There are different charts for sand and clay with an

estimated maximum capacity for residential foundations being 40,000 1b. (Chance 1993).
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Figure 2.1 - Helical Anchor Design Chart for Clay
{Chance 1993)

Single and double helix’are used in remedial foundation support for residential
buildings. Several chartsliave been developed that are predicated on torque installation
pressure, pipe shati-diameter and helix diameter to provide an estimate of working load
capacity (Schmidt 2004).

Although the method described above is used and accepted in industry, it has not
been proven to be accurate in traditional geotechnical terms especially when the
installation torque is the insitu prediction factor (Weech 2002). Torque does, however,
have a correlative relationship with soil parameters and could be used for on-site quality

control documentation. However, without site specific soils documentation, errors could
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cause inaccurate predictions. There are two methods that are recognized because of

extensive testing in a variety of soil conditions. These are the ‘Cylindrical Shear Method’

and the ‘Individual Plate Bearing Method’ (Figure 2.2), (Weech 2002).

where:

where:

The Cylindrical Shear Method states that the total pile capacity is:

Qtotal = Qcyl + Qend + Qshaft (27)

Qcy1 = the frictional resistance that is mobilized along the cylindsie2i failure

surface. (Ib)

= Ay X Sy (2.8)
Qena = the bearing surface below the bottom piace and base of pile shaft (Ib)

= (Anx + Agp ) Ne X Sy (2.9
Qsnatt = the frictional resistance along the pile shaft (1b)

= Agnaft X 00 X Sy (210)

Ay = the area g1 the cylindrical shear surface, which is the outer area of
succescive helices. (inz)

Sy = undrained shear strength of soil (psi).

Anx = net bearing area of the helix plate (in”). With tapered helix such as being
used for this test, the largest helix is used for axial compression calculation.

Ayip = the cross sectional area of the pile shaft (inz).

Ahatt = surface area of the pile shaft (inz).

o = the shaft adhesion factor
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The Cylindrical Shear method as described above works well when the spacing to
diameter ratio (S¢) is 1.5 or less (Mooney et al. 1985). This spacing produces a cylinder or
wedge of resistance that acts more like a pier/pile in friction since it engages a soil
column instead of individual sections of resistance. Studies that have been done indicate
when the spacing ratio is greater than 1.5, the axial capacity decreased in correlation with
an increase in spacing ratio above 1.5 (Narasimha et al. 1993). To respond to those
inaccuracies, Mooney (Mooney et al. 1985) responded with correctiop-~factors to address
the spacing engagement problem as follows:

Q. =S¢(mDL,) Cy + Ag X Cy X N¢ + d X Hegr X a0 X Cy (2.11)
where:

D= diameter of helix (in)

Lc = is the distance between top-and bottom helical plates, (in)

Cy = undrained shear strengthivof soil, (psi)

Ay = area of helix, (ir;: )
Nc = dimensismnies$s bearing capacity factors (for this size helix N. = 9)
d = diambter of the shaft, (in)

Hee = eifective length of pile, Heir = H — D, (in)

o = Adhesion factor (see figure based upon undrained shear strength)

Sf = Spacing Ratio Factor

As would be expected, the depth of embedment will determine the importance of
shaft adhesion. If the H/D ratio is greater than 3, then shaft friction is considered in the
equation (Nasr 2004). If the spacing between the helix is greater than 3 to 1, the helix to

helix shaft friction is not considered in the equation.
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The helical spacing (S¢) for this research is 3 ft. Therefore, the Cylindrical Shear
Method will not be a good predictor for this test and we will have to engage an empirical
method that will address the shaft/helix configuration that is appropriate.

The Individual Plate Bearing Method was devised for helix plates spaced greater
than two (2) times the diameter of the helical. This method assumes that individual
failure occurs below each helix. In undrained conditions such as this test, total pile
capacity is measured as follows:

Quit = Qend + Qshafe (2.12)

=2 (Apx X Ne X Sy )+ Aghaie X 00X Sy (2.13)
where:

Apx = net bearing area of the helix platg (less cross section area of pile shaft),

(in%). With tapered piles such-as those being used for this test, each diameter
is calculated for capacit,

N, = is the standard bearing capacity factor that is normally assumed to be 9 for

undrained-anialysis. It is also many times labeled as N, .

Sy = is the niigrained shear strength of the soil (psi).

Agnar = sarface area of shaft (inz).

o = shaft adhesion factor

It was found that using the individual bearing method with known shear strengths
that under prediction were normally between 0% and 12% with a maximum variance of
22% (Narasimha et al. 1993).

As shown empirically above, increasing the number of helix should increase the

ultimate vertical compressive capacity (Narasimha 1991). It is believed that the soil
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column created between the helix will increase side friction and bearing capacity will
subsequently be increased. The amount of increase will obviously vary with soil
conditions such as shear strength and adhesion.

Another factor in anchor capacity is the pitch of the helix angle (v), which is the
inverse tangent of the ratio between pitch (p) of the screw anchor’s blade to that of the
blade diameter (D) (Bradka 1997). When the pitch is increased the installation torque
requirement will be increased but the depth of penetration will ingscase, which may
increase the vertical capacity. In addition to pitch, there are manwfacturers who produce
sloped conical ends that because of a reduction in requited installation torque will
normally provide increased vertical capacity (Ghaly et ai: 1991). The helix configuration

used for this research is the medium pitch with a‘syrametrical configuration tip.
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(a) (b)
Figure 2.2 — Helical Bearing Calculation Methods (Hoyt and Clemence 1989)
(a) Assumed Cylindrical Shear Surface for Tapered Helix, (b) Individual
Bearing Method
As with other piling systems, an increase in moisture content will produce a

decrease in bearing capacity. Since this testing is in a semi-arid climate with wide swings

in moisture content, some decrease in axial capacity when going from wet to dry state is
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expected but with the depth to diameter ratio being so high and terminated well below the
zone of seasonal moisture change, this effect is not expected (Bradka 1997).

Spacing ratio has an important bearing on vertical capacity. When the spacing is
less than 1.5 diameters apart, this factor = 1. It appears, however, that this factor is more
critical in determining uplift capacity than axial compression capacity.

Pore pressure increases during installation at the helix point, as a result of the
upward pressure of the helix plates against the soil above, and this increased pressure
leads to shortcomings in the prediction of axial load capacity~herefore, engineers rely
upon pile load tests to refine final piling design (Randolph 2003). Studies by Weech
(2002) indicate that as the helix passes a soil.poiit, a “pulse” in pore pressure is
registered. When there are multiple helixes, each helix causes a pulse in pore pressure but
not as great as the initial helix (Weech.and Howie 2002). It was Weech’s observation,
however, that this increase in pore/piessure decreases very quickly over a period of days.
It is believed that with this ‘foie pressure decrease that helical pile vertical capacity will
increase and shear strezgrh of the soil around and under the helical pile may be higher
than prior to distutbance.

If, however, efficiency in torque installation has not been good, there may be a
decrease in perceived axial capacity because of the voids created under the helix as a
result of auguring in lieu of pulling into the ground. Since the time from installation to
testing for this research varies between 4 and 8 months, pore pressures should decrease to
a pre-installation magnitude. Therefore, we should not consider this as a factor in

estimating axial capacity.
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Shear strength is decreased during the installation stage because of the increase in
pore pressure and disturbance of the soil. While this strength will increase over time, it
will only reach a remolded strength and not a pre-disturbance strength (Weech 2002).
Although there is additional disturbance with each added helix, there is not an added
decrease in immediate shear strength.

Weech (2002) indicated that the peak S, parameter underneath the lead helix be
used to calculate capacity since soil shear strength between the upperneiix(s) has been
compromised by installation disturbance that alters the void ratiozand structure of the soil.
While tip resistance increases are moderate over time, resystance at the upper helix will
increase after dissipation of pore pressure (Weech 2002y Weech and Howie 2002).

Weech showed that measurement of,the_bottom helix capacity could be done

using CPT test information as presented by eqdation 2.14:

Qbottom hx = Anx X (q1 — Gyo ) (2.14)
where:

A = area-901"hoiIx (inz)

qr = corrected tip resistance (psi)

Gvo = effective overburden pressure (psi)

This equation works because there is a negligible amount of disturbance below
the lead helix. With the CPTs used in this research, this parameter can be utilized to
check against the Individual Plate Method that utilizes laboratory testing of soil samples
(Weech 2002).

The amount of disturbance below the lead helix is considered to be miniscule,

which equates to an index of soil destructuring of 1.0 (Weech 2002). Weech indicates the
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second helix ID value, however, would range between 0.5 and 0.75, which must be
considered when estimating an axial capacity. In view of an obvious inefficiency in
installation rotations to penetration, the concept of disturbance is real for this project and
must be considered to properly reduce capacity of the second helix and shaft friction
along the depth of installation. The amount of disturbance is likely site specific and must
be measured by experience and understanding of the installation process. There is not
only inefficiency in the auger pulling into the stratum but also a placemont issue with the
second helix. In other words, the second helix is not exactly plaezd. where with efficient
rotation of the first helix into the bearing soil will encouragesthe second helix to follow
the same auger path. In fact, the second helix is 9.4 retations behind the first helix (30 in.
/3.18 in. auger height). Therefore, the second heiix.will hit the same depth at a point 1.31
inches above the path of the first helix. Therefore, we have a section of disturbance that is
multiplied by the higher cut of thé«seCond helix and our area of disturbance will be
multiplied significantly with oniy *he outer 1 in. plate being a virgin cut (the second helix
is 12 in. diameter while.tie d€ad helix is 10 in. diameter).

Weech shows"a correlation between soil sensitivity and the amount of disturbance
caused by the helix tearing through the soil. Soil sensitivity is defined as:

S¢ =S, (undisturbed) / S; (remolded) (2.15)

Soil sensitivity, as mathematically depicted above, means that only a part of its
predisturbed strength will be regained through hardening over time because of a
breakdown of the original soil structure and a loss of interparticle attractive forces and
bonds (Das 1997). Sensitivity has also been correlated with the Liquidity Index, as

expressed by equation 2.16 (Holtz and Kovacs 1981):
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LI = (w, - PL)/PI (2.16)
where:
LI = Liquidity Index of soil sample
wy, = natural water content of the same soil sample
PL = Plastic Limit
PI = Plasticity Index
Using this ratio,
LI < 1 the soil will be brittle when fractured/sheared
0 < LI < 1 the soil will behave in a plastic manner when sheared
LI > 1 the soil will behave as a liquid when sheared
Because this site is in an alluvial pléne,“we would expect the soil to exhibit a
medium to high sensitivity. This meansthat because of soil disturbance caused by the
leading and trailing helix, undistesbed shear strength will not be restored over time.

Therefore, capacity of the secetig*helix must be reduced to reflect these factors.

In addition to th¢ obvious disturbance factor delineated above, there is some
inefficiency bétween installation and axial loading. Since the helix(s) are installed by
twisting, they are actually pulling themselves into the ground, which puts the pipe stem in
tension. Therefore, in the case of some manufacturers product there is some amount of
play/looseness in the connection. Because of this connection flexibility, there is a
compression along the steel stem until force reaches the helical. As an example this
engineer installed a number of helical piles in North Carolina in the past and found that

each one required that they be “seated” into place using a jacking force against the house
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weight that produced a plunge or downward deflection between 1 in. and 3 in. When this
seating was completed the anchors could properly support the house and provide
necessary axial capacity to make elevations adjustments and restore vertical stability. The
stem in this situation was square steel with square connections (sometimes call knuckles)
and the play was obvious when making the connection with the amount of axial
connective compression deflection being large. To reduce this factor in the outcome of
this research, a product was chosen that makes an inner screw conne{tion with the stem
coming together in a flat plane at each connection. While thi$ ‘may not completely
eliminate all axial compression of the stem connections, it.nmay prove to reduce them to

an insignificant level.

Buckling of the steel stem of the h¢iigal system always is a concern with long
slenderness ratios (I/r,), however, this(syonly a problem in the very soft soil (Davisson
1963). While the pressed steel aild‘concrete piles maintain a tighter fit and thus have a
smaller area of disturbances+iie helical anchors provide a disturbance area greater than 12
inches, which could, predace enough soil strength reduction in the lateral soil support to
present a problem.~As long as the Standard Penetration Count (N) is greater than 4, the
soil strength reduction should not be a problem in a stiff clay soil (Hoyt et al. 1995).

Several conferences and emails from installers across the U.S. and Canada
showed that there is a variance of installation pressures used to advance helical anchors
for foundation piling. These torques ranged between 3,000 ft-1b to 3,500 ft-1b in many of
the southern states for residential installation to 5,000 ft-1b for residential and lightly

loaded structures in both the U.S. and Canada. For purposes of this test, however, 5,000
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ft-1b of torque will be used for installation torque as a fair approximation of the upper
limit of installation pressure.

Research completed on a range of geographic installations indicates that axial
capacity in cohesive soils is many times less than the same torque installation in
noncohesive soils (Zhang et al. 1999). Since very few research papers were found on the
helical pile applications in cohesive soils, the present research is expected to add to the

database for clay soil installation and will provide further directions for-feture testing.

2.2.5 Pressed Steel Piles

In deep foundation system, driven piles have'beeh used for several years (Punma
1994). The art of driving piles was well established in Roman times as recorded by
Vitruvious in 59 A.D (Punma 1994). Recards”of pile underpinning have been confirmed
in settlements that were constructed over 4000 years ago (Punma 1994). Development of
piling science enabled the Romans to expand their highway and port system to meet the
challenges of a vast empixe tor their transportation needs between cities.

The normal miethod for installing piles is to dynamically drive concrete or steel to
a measured capaeity that can be determined by the wave equation or dynamic testing such
as the Gates method or other suitable electronically monitored systems that have been
proven over a long history of installation (Goble et al. 1986). Dynamically driven piles
provide support for many of the large and difficult environments in the World and their
performance is well documented (Waters 2004 and 2004).

The first reference to pressed piles appears to be in a U.S. Patent Specification

dated February 20, 1917 (U.S. Patent No. 1,217,128) with a modification by the same
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patentee on June 12, 1917. These patents specified pushing of sections of steel pipe into
the ground to a specified pressure and holding that pressure until the pipe stops settling.
Subsequent to these patents another patent by the same patentee, Lazarus White; on
October 20, 1931 (U.S. Patent No. 1,827,921) specified the spacing that must be
maintained to prevent group settlement. White further indicated that each pile must be
individually driven to provide adequate capacity for holding the building to be
underpinned. A similar patent was filed in England as early as February 21973 (London
No. 1,418,164), which shows the same basic concept of presging, steel piles into the
ground using the weight and resistance of the structure. /ftie usage of this process in
residential underpinning has led to a considerable nuixter of patents that either modify
equipment, piping and concrete grade beam attachments or show a process alteration.

Pile jacking as it is also known in.the-iiterature, was utilized as a remedial piling
technique as far back as in 1916 by the iirm of Spencer, White and Prentis, Inc. (Carson
1965), This firm, according te~Carson (still an employee), developed this method for
installing piling under_ a*aé¢w structure, installing deeper piling on an existing building
with piling and repiaeing damaged piling under an existing structure. This method was
originally used fet buildings but the process depicted appears to be similar to that utilized
today by the residential remedial underpinning contractors. (Carson 1965).

The first regulatory reference to the pressed piling appears to be the Department
of the Army’s Pile Construction Manual (Department of the Army, TMS5-258, March
1956, now revised in Department of The Army, FM 5-134, April 1985). This manual
states “Under special conditions, it may be necessary to jack a pile into the ground. This

situation generally arises when it is necessary to strengthen the foundation of an existing
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structure or when regular driving would be damaging to an existing structure. In such
cases, the pile is generally jacked in sections, using a hydraulic jack reacting against a
heavy weight.” A second reference is found in a book titled Piling Engineering which
references jacking piles where headroom is limited or vibrations are not permissible
(Flemming, et. al 1991).

Mention of segmental pile jacking in most books refers to the extreme expense of
jacking in tight quarters and also the limited control on final depth (Prentis and White
1956); Henry 1986). Most published references indicate that the, pile should be jacked
down until the force reaches 150% design load and then they'should recycle the loading
and unloading to make sure the pile will not move wheli the final load is placed on the
pile (Fletcher and Smoots 1974). Other references.indicate that a jacking load of 50% to
67% should be held for 10 hours to make.sui€ the pile will not settle under the working
load (Dunham 1950).

While the normal pipe <ardiguration used in remedial work is either with a guild
shoe or with a point to_réduce friction, some authors suggest using open end pipes so that
the inner soil can be'cleaned out at periodic depths to increase penetration and thus be
able to achieve/a specified depth (Xanthakos, et al 1994). This reference calls
hydraulically driven piles as jacked piles and it refers to dynamically driven piles as

driven piles (Figure 2.3).
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Figure 2.3 - Typical Pressed Steel Piling Attachment to House
(Courtesy of Ram Jack Foundation Repair)
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It is this author’s experience that the use of pressed steel piling has grown over
the past twenty (20) years to become one of the most frequently used methods of
remedial underpinning for residential foundations. The contractor will either bolt a
bracket on the grade beam to provide leverage for pushing or set a hydraulic jack under
the grade beam to force the pile into the ground using the weight of the house, soil
adhesion along the concrete slab and/or beams, resistance from the structure and probably
the resistance of concrete bending moments or lateral friction. Regardless/of the ultimate
driving resistance, the pipe is forced into the ground at each lgeation individually until
the structure is lifted. Driving is then stopped to prevent~damage to the grade beam,
structure or veneer. Once all pilings are installed, ‘he structure is lifted to its desired
elevation by lifting at each pile and then securged ‘an/the installed piling (FRA 2005).

This engineer’s inspection of actual” driving and conferences with remedial
contractors who employ this metho¥, siiows driving forces on a one story house range
from 30,000 Ibs to 35,000 1bs, while driving on a two story house may reach as high as
50,000 1bs (Gregory 2005)LTo establish realistic installation pressures that could be not
only duplicated but-aiso consistent with actual field conditions, a driving force of 50,000
Ibs was established for each of the hydraulically driven piles (Gregory 2005).

While initial capacity is provided by the drive pressure, this engineer’s own
experience with adjustments in foundation elevation indicates that there is some
relaxation in axial capacity over time as evidenced by an additional penetration when the
pile is reset in preparation for subsequent lifting of the foundation. This observation may
be explained in clay soil by a process called Thixotropy, “whereby a cohesive soil

stiffens while at rest and softens upon remolding” (Witherspoon 2003). This soil
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relaxation may be caused by negative excess pore water pressure caused by the pile
jacking that is relieved with time, causing the soil to soften. This process may occur
quickly or in the case of clay over a period of 30 to 60 days (Das 1984; Coduto 1994).
Another cause of soil relaxation is point seat disturbance whereby the pile driving
fractures impervious strata to allow water to penetrate around the pile and softening the
clay surface (ASCE 1984). Because the lead point will normally have a shear ring to
reduce side friction, water may conduit along the pile to soften the susface and lessen
axial load capacity.

The use of sectional piles is required to install umder an eve or grade beam.
Because there is a delay between driving the previcus(pile and setting the added pile a
phenomena called “soil freeze” occurs that may prematurely stop the pile prior to
reaching a more desirable depth in suitable strata (ASCE 1984). For this reason, once the
driving operation begins it must contirnue until the targeted installation pressure has been
achieved (ASCE 1984). It has'beeri documented that “Soil Freeze” may occur sometimes
within 30 minutes. Therefcre, breaks should be taken between drive stages only. These
factors in addition te a zone of seasonal moisture change that may reach in excess of 12 ft
are some of the-primary reasons for installing and testing these foundation systems in
different seasonal conditions.

Since a house may lift off the piles during a wet season, there will be a loss of
load on the piles during this period. To test the effect on axial capacity when the load is
removed, pressure will be maintained on half of the subjects while half will have pressure
removed one month after installation. This testing procedure will add even more data for

load capacity maintenance.
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The occurrence of lessened axial capacity over time contradicts long established
phenomena such as pile set-up where axial capacity actually increases as much as 50%
over time (Komurka 2004; Waters 2004). Therefore, it is possible that hydraulically
driven piles may not fit recognized empirical formula developed with dynamically driven
pile elements just because the method of driving into clay soils does not induce rebound
action in the clay sheeting.

With an established driving pressure of 50,000 lbs, changes iz s2il composition
that provide differences in soil shear and side friction, should cause the piles to reach
varying depths. In fact, rocks, boulders, partially cemented-sandy zones, thin rock layers
or tree roots may provide enough resistance to prematlgeiy stop a pile prior to reaching a
depth below the active zone. A review of actuainicos and interviews with pressed piling
contractors indicates that even on a small Tiouse there is always a difference in pile
termination depth (Gregory 2005% “\With this variance in depth, applications of
dynamically driven pile formtlas iinay not be applicable in determining side friction and
end bearing capacities.

While steel piies may vary somewhat in diameter, the normal width for residential
underpinning is-ail approximate 3 in. The contractor chosen for this testing uses 2-7/8 in.
diameter steel pipe in 5 ft long sections with a male and female end that will fit together
to form a somewhat rigid continuous pipe without a tensile connection (Figure 2.3). Most
contractors will use a lead pipe that has a driving shoe/enlarged ring at the bottom to
produce less driving resistance and thereby reach greater driving depths. Because these
piles are subject to some amount of bending, it is possible that they may vary from true

vertical as documented (Brown 1999; Brown 2000).
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Metallurgical analysis using ASTM A 370-94 reveal that the pipe used for this
test has 0.221 in. wall thickness with ultimate strength of 97,000 psi, yield strength of
80,500 psi and 19% elongation. Compressive forces are therefore well within allowable
stress levels for steel pipe. This large length to diameter ratio, however, does pose a
concern but in dense clay soil this research engineer has not known of projects where
bending failure was a problem. For unfilled pipe piles, AASHTO has established the
maximum design stress at 0.25 X fy, which in the case of pressed steel pipe equals 24,250
psi with an area of 1.84 in”. would allow 44,683 Ibs of supporoFHWA 1996). House
loads at the perimeter are calculated at an approximate 1,000V bs per ft. If the piles are set
at a spacing of 6 ft from center to center, then the wbiking load would be 6,000 Ibs.,
which will yield a safe factor of safety.

Driving stresses for this type of pile are also set by AASHTO at 0.9 x fy, which
would equate to 87,300 psi (FHWA 1996). This would allow a driving stress of
160,858.98 1bs, which in this t¢st“1s well within the imposed 50,640 lbs applied by the
installation equipment,Jiierctfore, bending action does not appear crucial with this piling
requiring 50,640 1hs\of drive pressure that it be encapsulated with stiff clay soil for lateral
strength. It should be noted here that the contactor selected for this test states that driving
pressures have been as high as 60,000 lbs with no evidence of pipe failure. Installation on
slopes, however, might induce lateral stresses that with slope failure could cause bending
moments around the axis of these slender piles.

Driving depths at the corners will normally be less because there is less driving
load available. A corner has an approximate %2 of the available structure and soil mass

when compared with a long wall section that provides resistance at each side. Contractors
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also confirm that interior pile installations under grade beams will provide much more
driving load. This is because much more of the house and soil mass are available for
driving resistance. With stiffer structures and o story houses, drive pressures in excess
of 60,000 Ibs have been recorded (Gregory 2005)
2.2.6 Pressed Concrete Piles

Pressed concrete piles appear to have first been used for remedial repair in Texas
in the early 1980’s and were championed by a Texas engineer named’Gene Wilcox.
These piles are composed of cylindrical concrete sections 6 in.diameter and are 12 in.
long. The sections may have an approximate 5/8 in. dianieter hole through the center
longitudinally. The contractor will excavate a hole Wnder the grade beam that is an
approximate 24 in. square and an approximate 24 in. below the grade beam (figure 2.4).
The contractor will place a concrete pile, vertically under the beam, set a hydraulic jack
beneath the grade beam and press the concrete cylinder into the soil and then repeat the

process until the driving pressure, lifts the house (Coody 1991 et al and Dawson 2004).
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Figure 2.4 - Typical Pressed Concrete Piling Support Under House
(Courtesy of Advanced Foundation Repair)

41



Variations in this process include; setting and grouting reinforcing steel in the
hole in sections as the piles are driven, for lateral and vertical resistance, or setting a
cable in the hole and pouring epoxy around the top cap piece to provide vertical
resistance to separation (Gregory 2005). One contractor also installs a type of spiral
cylinder to attempt to screw into the ground. There are also contractors who will jet water
down the hole or around the sides to reach a greater depth (Gregory 2005). Other
contractors will install a smaller section at the bottom or pointed lead’/cone to break
through lenses and reach a greater depth. The contractor chosen far this research uses a 4
in. diameter driving shoe that they believe breaks through thin lenses and provides greater
termination depth. Most contractors will install a tzapezoidal cap at the top that will
provide a solid driving base for the jack and allow_room for setting two 6 in. diameter by
12 in. long cylinders to support the house (Figare 2.4). When the house has been raised to
its desired height, the contractor will's€t metal shims to maintain this elevation on the
installed pile.

As with the pressedosteel piles, depth will vary significantly at a single house.
Because the concrefe, piles are twice the diameter of the steel piles, there is greater
amount of skin-friction and end resistance offered by the pressed concrete piles.
Therefore, the driving depth variance will normally be much greater than the steel pilings
with exactly the same driving pressure. Another similarity with the steel piles is that at
the corners of a structure the available driving pressure will be much less. This reduced
pressure is found because the house mass and soil contact is Y2 that of a location along a
long wall. Therefore, driving depths will normally be much less at a corner than along a

wall length.
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Because the piles are hydraulically pressed into the ground, it is unknown if the
standard dynamically driven concrete pile formulas are applicable to these elements. The
variance in driving depth may also create problems when trying to empirically determine
final axial capacity.

Because this method is a sectional precast pile driven hydraulically using
resistance from the house, the same phenomena can develop as explained above with the
pressed steel piles such as: Thixotropy, soil relaxation, soil freeze, etes are applicable to
this method. With the shorter sections there is also a greater chapseof vertical alignment
problems. Therefore, the installation technician must be awere of pile drift and make
corrections as necessary to keep the pile vertical. Witn/ihe larger diameter of pile (6 in.
for the pressed concrete in lieu of 3 in. for the stecl piling), there is a greater chance of
obstruction influence. These obstructions.may include tree roots, boulders, hard lenses,
soft weathered rock etc. When these<problems are identified, the installer may choose to
move to the side or install steelse¢tional piling.

As the segmentul (pressed pile method has developed, changes have been
implemented to ovércome problems in installation and durability. One of these
modifications is-that all precast pile sections are now 5,000 psi concrete. It was learned
early on that the compressive strength of the concrete could be ruptured during a heavy
drive and when that happened there was little that could be done to mitigate damage with
that individual pile. Another problem was quality control of the precast cylinders that
resulted in swings in cast concrete strength. Since the amount of Portland cement in
concrete is a relatively small expense in view of possible problems with cylinder failure,

the manufacturers have started using a 5,000 psi concrete mix. As extensively as these

43



piles have been utilized over the past 20 years, it would appear stresses are well within
allowable design stresses in the concrete pile.

AASHTO establishes maximum design stress of concrete piles at 0.33 f’c, which
in the case of pressed concrete pile equals 1,650 psi (0.33 x 5,000 psi). 1,650 psi with an
area of 28.2743 sq.in. would allow 46,652 Ibs of support (FHWA, 1996). House loads at
the perimeter are calculated at an approximate 1,000 lbs per ft. If the piles are set at a
spacing of 6 ft o.c., then the working load would be 6,000 lbs so in_thcowy there is a safe
factor of safety. With irrigation patterns, altering drip lines, evapgstanspiration influences
by trees and other variations, however, loading on an individgal pile may change with the
expansion and contraction of soils under the foundafioi Lifting at one end, for instance,
might rotate the structural position enough to greatly increase the support requirement for
an individual pile far in excess of the assumed 6,000 Ibs. Therefore, factors of safety must
be large enough to accommodate seasoral foundation shifting.

Driving stresses for this\type of pile are also set by AASHTO at 0.9 fy, which
would equate to 4,500 psi(FAWA 1996). For the subject of this testing, this would allow
a driving stress of.127,234.35 lbs, which in this test provides a safe factor of safety.
Therefore, the s€gmental precast pile will be well within tolerance. As a side note, in
calculating 3,000 psi concrete, the allowable drive stress would be 84,822.9 Ibs (3,000 psi
x 28.27), which provides a factor of safety of only 1.68. With poor quality control at the
manufacture’s plant, it is obvious why cylinders would sometimes rupture prior to the
change to 5,000 psi concrete. We must remember that an approximate 5/8 in. diameter
hole sits in the center. If reinforcing steel is grouted in place, the strength reduction

caused by the hole area would lessen.
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2.2”7 Common Design Features for Pressed Steel and Pressed Concrete
Static analysis dictates the ultimate capacity, Q,; of a pile in homogeneous soil is
the sum of the shaft resistance Rs and toe resistance Rt:
Qu=Rs+R; or (2.17)
Qu=1fi XA+ q X A; (2.18)
As indicated on the soils borings and CPT, the clay is not homogeneous but has a
variance in soil parameters. Therefore, the ultimate capacity will actualiy/ ‘be:
Qu= ) (fs X A+ qi X A (2.19)
For cohesive soils, a standard method of calculating yltimate capacity is the total
stress analysis, which is calculated from the undrained, thear strength (t, or ¢,) of the soil
and an empirical adhesion factor (o) which ig. norrnally calculated from Figures 2.5 and
2.6 (FHWA 1996)
fi=ca=aXcy (2.20)
Another method used in\clay soils is the Effective Stress Method, which is
expressed by the following.€quation:
Fs=3%p (2.21)
B = Bjerrum-Burland beta coefficient = K, tan
p = Average effective overburden pressure along the pile shaft
K = Earth pressure coefficient

0 = Friction angle between pile and soil

The toe resistance is determined from the formula:

Qt:NtXpt
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N; = Toe bearing capacity coefficient
p: = Effective overburden pressure at the pile toe

Ranges for  and N; are a function of soil type and ¢ angle. (FHWA 1996).

Figure 2.5 - Adhesion Values for Cohesive Soils
(Figure 9.18, FHWA 1996)
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Figure 2.6 - Adhesion Factors for Driven Piles in Clay
(Figure 9.19, FHWA 1996)

Other important tools for calculating pile capacities are the SPILE and DRIVEN
Computer Programs. The SPILE Computer Program, which was developed by the
FHWA, uses the Nordlund (sand) and & (cohesive) methods for determining Ultimate
Static Pile Capacity and is referenced as FHWA-SA-92-044. Required parameters are soil

friction angled, adhesion, pile dimensions and type.
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The DRIVEN computer program follows Nordlund and & method and is available
on the FHWA web site. This program is based upon the soil profile with inputs of; soil
unit weight and soil strength parameters. The pile diameter, length and type can be varied
until desired ultimate and allowable loads can be estimated.

In this present thesis research, two Cone Penetration Tests (CPT) related
soundings were conducted in the field, which provided direct in-situ test data of
continuous layers. Semi empirical methods based upon CPT data arc\available to directly
calculate axial capacity of foundations. This method is referr€d as the Schmertmann
method (Schmertmann 1978). Using this method thewwitimate shaft resistance in

cohesionless soil can be calculated as follows:

Rs = K[1/2 (f5 X Ag )0 to 8o +(fs X ANsb to D] (2.22)
where:

K = Ratio of unit pilefshaft resistance to unit cone sleeve friction
as a funetion of the pull penetration depth, D (FHWA 1996.

f; = Averagelunit sleeve friction over the depth interval indicated by the
subscript (psi).

A, = Pile-soil surface area over fs depth interval (inz).

b = Pile width or diameter (in).

D = Embedded pile length (in).

0 to 8b = Range of depths for segment from ground surfaced to a depth of 8b.

8b to D= Range of depths for segment from a depth equal to 8b to the pile toe.
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The method above is based upon cone sleeve friction data. If cone sleeve friction
is not available, Rs can be determined from the cone tip resistance as follows:

Ry =Cr Y qe X As (2.23)

Ctis as a function of pile type and configuration (FHWA 1996).

dc = Average cone tip resistance along the pile length (psi).

A = Pile-soil surface area (inz).

With cohesive soil, the ultimate shaft resistance is obtained\from the sleeve
friction values using the following:

Ry =é X fy X Ag (2.24)

& = the ratio of pile shaft resistanceto ‘eone sleeve friction, patterned after the
Tomlinson’s o method (FHWA 1996). It issunknown, however, if dynamically driven pile
parameters are applicable to jacked:piles since tip resistance during driving may
determine depth. If the depth. wbtained is deep, this may shift a greater portion of total
shaft resistance to skir-friction. If, however, tip resistance is greater, the side resistance
will be small with a.mach greater reliance on end bearing.

It is this €ngineer’s experience in the field and in communiqué with pressed piling
contractors that driving depths may vary greatly on a single house. This is a result of high
tip resistance caused by high shear strength of the clay soil, an obstruction such as a rock
or tree root, or thin stiff soil layer(s) that cannot be broken through. Since this research
location was chosen at a safe distance away from trees, root blocks are not anticipated.
The soil from the field site is in an area free from fill that might contain rock or other

debris. Therefore, there should only be shear strength resistance that will determine
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driving depth. This area is, however, in an alluvial fill area where some inconsistency of
stratum may be anticipated. With this inconsistency there will obviously be differences in
driving depth. With the deeper piles, tip resistance will be a smaller part of total axial
compression capacity and the primary factor will be skin friction. With shallow piles;
however, the distribution of stresses may not be as certain (Bowles 1988).

Shear strength should only be attributed to three basic components: frictional
resistance to sliding between the solid soil particles, cohesion or adhesion between the
soils particles and interlocking and bridging of the solid soil particles in resistance to
deformation during driving of a pile (Cernica 1995). Thes shear strength of a soil
correlates with the effective stress. In the field this'siress condition is axisymmetric
(transversely isotropic) in that the principle. siess equals the minor stress, which is
similar to the condition that exists beneath.the-tip of a piling (Conduto 1994).

As evident from the descriptioi dbove, water content will affect shear strength in
a soil (Sowers and Sowers 1961, Dne reason is that the bonds that hold the clay particles
together are weakened as«miore water particles are absorbed (Marshall and Holmes 1988).
In the case of pilings;the point resistance and compression index decreases in a clay soil
with the increase-in moisture content (McCarthy 2002). In clay soil there is an undrained
condition and at this site the soil borings indicate the soil is undrained. Figure 2.7
graphically displays how when moisture content decreases that soil strengths increase and
this relationship is also independent of the type of loading and degree of drainage during
the loading phase (Lambe & Whitman 1979). Although this figure depicts unsaturated

clay soil, the same relationship exists for drained conditions.
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Figure 2.7 - Stress-volume relationskip for normally consolidated Weald clay
(Lambe and Whitman, 1979)

During the driving stage,the soil is densified, pore water pressures increase,
moisture content decreases and the effective overburden is decreased, which all lead to an
increase in shear stzength and a decrease in skin friction. Therefore, the tip resistance is
increased and 1n.the case of shallow pilings, side friction remains a smaller component of
the ultimate shaft capacity. Over time, however, pore pressure decreases and water
content is restored, which reduces end bearing, increasing the effect of overburden and
increases skin friction (Tomlinson 1980).

When going from a dry season of installation to a wetter season of testing, water
content increases to further reduce end bearing of deep foundations. If, however, the

pilings are driven below the zone of seasonal moisture change, this reduction will be less
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because there is not a seasonal increase in soil moisture at those depths. With pilings
driven below the active zone, skin friction may increase and the end bearing is only
reduced by pore pressure restoration, which is normally a much lesser factor in tip
resistance. Evaluation of the soil/pile interface must be with the fact that the clay has
been remolded during the driving process. Therefore, the properties of the clay will be
altered temporarily during the installation process (McCarthy 2002).

It has also been shown that shear strength in unsaturated clay seil.is a function of
matric suction and soil water characteristic curve (drying path), If the soil dries, the
wetted area of contact decreases and soil suction increases{Niarshall and Holmes 1988).
With this increase in soil suction there is an increds¢(iin shear strength (Vanapalli and
Fredlund 1999; Fredlund and Rahardjo 1993), Inis/also known that matric suction holds
the soil together which results in apparent cohesion. From the soil water characteristic
curve and measurement of soil matric\suction, a reasonable prediction of shear strength
can be obtained (Vanapalli, et 1999; Rahardjo and Fredlund 1999; Nishimura T. et al.
1999).

Pressed piles are sometimes jetted to help the pile reach a desired depth. With
jetting, it has beén reported that a loss of 50% to 85% of axial capacity may result
because of this process. None of these pressed piles were jetted prior to driving;
therefore, there should be no reduction in strength from initial driving load as a result of
jetting.

When piles are dynamically driven in clay soil, it has been observed that an
enlarged hole will form around the pile as a result of lateral vibration of the pile with the

hammer blows (Tomlinson 1980). This soil action is sometimes called quake, which is
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the amount of pile deformation required to activate the unrecoverable deformation of soil
(Smith 1960). This concept is sometimes depicted by the Concentric Cylinder Model and
conforms to the following parameters: soil deformation is believed to deflect downward
in the form of cylinders around the pile shaft, the shearing condition operates in this
circular pattern and decreases in a radial distance from the pile shaft as depicted in figure
2.8 (Liang and Husein 1993). Because these piles are hydraulically pressed into the soil,
little or no vibration is provided. Therefore, an enlarged hole would normally not be
expected.

It is this engineer’s experience, however, that this emlargement is visible with the
pressed concrete piles. Therefore, something else must/be causing the enlargement such
as remolding of the clay because of a downdrag.of clay that stretches the clay layers
down with the driving effort. Because this.is 110t a dynamic driving process, the clay layer
deformation is not as recoverable witihthe pressed piling installation and may be much
more permanent. It is reported {hat this enlargement disappears over time as clay
moisture is restored. Sinee this recovery can only be observed at the surface, we do not
know exactly howsmauch recovery has actually occurred below the surface and the
amount of contalt recovery in the form of adhesion along the pile shaft. It is also
unknown if clay material from the surface adheres to the shaft and is pulled downward to

alter deeper shaft resistance over time.
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Figure 2.8 - Concept of Concentric Cylinder Model
(&rang and Husein, 1993)

This deforming of the elay stratum has also been reported to include cracks in the
clay along the surfacelefitiie pile that radiate outward such that adhesion is uncertain in
the upper 20 pile diatneters. Therefore, it is recommended that skin friction be neglected
in the upper 4 ft to 6 ft (Tomlinson 1971).

The zone of seasonal moisture change may reach 12 ft to 14 ft in the Dallas/Ft.
Worth Metroplex. Since it is common for the concrete pressed piles to not reach that
depth, there is a chance of negative skin friction as a result of “downdrag” caused by the
shrinkage settlement of clay surrounding the pile. This distribution of stress will normally
increase with depth to a point where no change in moisture occurs. With the pile tip being

within the active zone, there will not be adequate resistance to counteract negative
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friction and a settlement may occur. It is also possible for the negative resistance to
overload tip resistance and this would create downward movement (Fleming et al. 1985;
Tschebotarioff 1973).

2.3  Deep Foundation Load Testing Methods

Because of the variance in underpinning types, a standard load test, ASTM D
1143-81 (Reapproved 1994) was chosen as the method for field testing. This method is
referred to as the “Standard Test Method for Piles Under Static Axi2i Compressive
Load.” As described in the introduction, “This standard has bgen prepared to cover
routine methods of testing to determine if a pile has adeguate bearing capacity”. This
method is a static load test where in the Quick test'dag- defined in ASTM D1143, the
determined load will be applied for 2 minutes ‘wkhile watching the deflection gauge to
determine failure.

Although cyclic loading hay been used, it does not appear to contribute to the
interpretation of static load ‘bearing capacity and even makes it harder to interpret
(England and Fleming 1994, Another factor in the selection of a two (2) minute static
test is that some studies have shown an increase risk of influence of the time-dependent
movements if left'loaded for over 15 minutes and this may impair the test results (Butler
and Hoy 1977).

Other sources of testing criteria were reviewed to confirm parameters for failure
load. Ultimate failure is a peak load above which the foundation does not take more load
and will plunge downward if the load is increased further. In other cases, the peak may
not appear in the load-deforming plots; instead, a plateau type loading curve is

established. In such cases, the deformation criterion should be used to establish ultimate
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failure load of a foundation. For augercast piles, failure load is recorded at 3 in. of
downward movement (Neely 1990) whereas ultimate loads for helical piers will produce
a plunging failure (Smith 2004). According to FHWA-HI-96-033, “the failure load of a
pile tested under axial compressive load is that load which produces a settlement at
failure of the pile head equal to”:

S¢=A + (4.0 + 0.008b) (2.24)
where: St = Settlement at failure in mm (in).

b = Pile diameter or width in mm (in).

A = Elastic deformation of total pile length in mm/{ity).

If we discount pile deformation, allowable.seit!ement for the steel and concrete
piles would be computed as:
Steel piles  =4.0 mm + 0.008(73.03),=4.584 mm or 0.178 inches
Concrete piles= 4.0 mm + 0.008(152y) = 5.219 mm or 0.204 inches

Therefore, it will be important to record incremental deflection to load for the
entire deformation so thdvall failure modes will be easily measured.

Elastic deformation in a pile is computed as follows:

A=Q,L/(AE) (2.25)
Where: A = Elastic compression of pile material (in), (mm)

Q.= Design axial load in pile (Ib), (kN)

L = Length of Pile (in), (mm)
A = Pile cross sectional area (inz), (mz)

E = Modulus of elasticity of pile material, (psi), (kPa)
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For the steel piles used in this research, we will assume a modulus of elasticity of
207,000 MPa (30,022,813 psi), Length of 13,000 mm (44 ft), Design load of 11.24 kN
(50 kips), Pipe cross sectional area of 0.00418 sq.m. (0.0451 sq.ft.).

Therefore:

: (11.24)(13,000)
(0.0041881)(207,000,000)

= 1.685 mm = 0.066 inch
For the concrete piles of this experiment, we will assume.a modulus of elasticity
of 27,800 MPa, length of 8231.7 mm (27 ft), design load of.i\.24 kN (50 kips), concrete
cross sectional area of 0.0182 sq.m. (0.1965 sq.ft.)
Therefore:

_ (11.24)8,231.7)
(0.01824)(27,800,000)

= 0.18 mm = 0.007 inch
Criteria established for settlements at failure loads were followed in the present

research.

While the~pirpose of this testing is to determine ultimate axial capacity, there is a
theory that evaluates the rebound curve (curve of deflection vs. load when the load is
released), which will provide a proportion of tip bearing to skin friction resistances. This
method of analysis by England (England 2000) establishes that the shaft friction quickly
reaches its ultimate level while base resistance increases until failure. It is also proposed
that when the load is decreased to no load that the skin friction reverses itself to

counteract base resistance rebound (Davies 1987; England 2000). Elastic Shortening
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must obviously be accounted for so that actual pile/soil interaction is known (Fleming
1993). This theory has relevance but should only be used as a supplementary data tool in
conjunction with proven empirical methods based upon the large and diverse data pool
available for a particular test. It is also important that the foundations are set in a
homogeneous soil condition that certainly does not exist at this site. Another difficulty in
application to this research is the usage of the ASTM 1143 Quick Load Test that can
enhance the skin friction approximation because of the rapid static loading/England 1992
and 1993).

It has been mentioned that knowing the distribution of forces along the shafts
would be beneficial to the total understanding of pier‘and’pile functional performance and
also that there are residual loads along the shaft that could alter an understanding of these
forces (Fellenius 2002). This testing, however, only focused with the ultimate resistance
of piers and piles in vertical compression. Results presented in this research show load
versus deflection plots depicting, tlie failure loads for each underpinning element (ASCE
1985).

24 Summary

This chapter provides a comprehensive literature review on the six most common
remedial underpinning methods used in practice. Each of the six foundation types (drilled
straight shafts, drilled and belled piers, augercast piles, helical anchors, pressed steel and
pressed concrete piles) are presented with background information applicable to testing
for determining the axial compression capacity. Available literature, including: papers,
books, website reviews and conversations with field and academia experts were reviewed

to gather this information.
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CHAPTER 3

RESEARCH METHODOLOGY

3.1 Introduction

The experimental program of this research included testing of six 6 piling
methods that are commonly used in remedial underpinnings~ihese methods include:
drilled straight shafts, drilled and belled shafts, augercast\wiies, helical anchors, pressed
steel piles and pressed concrete piles. The intent of this research is to determine values of
axial capacity for each element. With the \drilled shafts and drilled belled shafts,
established accepted empirical formulasiFHWA 1999) will be used to predict final axial
capacity. It should be mentioned that the present assessments will attempt to evaluate
these established formulae“tor" the better prediction of axial capacities of shafts in
expansive soil media under varying seasonal environment.

Published formulae for augercast piles and helical anchors will be used for their
capacity prediction. Both the pressed steel and concrete piles are hydraulically driven at
an established driving capacity. An attempt will be made to assess whether these
capacities will remain the same or vary with respect to different seasonal changes. In
other words, variations in the axial capacity with respect to load tests at different seasons

will be evaluated. Seasonal variations will simulate a difference in soil conditions when
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going from dry to wet to simulate summer to spring conditions and from wet to
dry to simulate spring to summer conditions. Dynamic or mixed formulae for predicting
axial capacity are used to compare with actual test results.

Another important variable addressed in this research is to study the effects of
expansive clayey soils on axial capacities of piers, piles and screw anchors. While drilled
shafts have had extensive testing in clay soils, the augercast and helical anchors have not
been tested in sufficient numbers in these soil conditions. In the case ¢f the hydraulically
driven piles, no test results in clayey soils are reported or documented in the geotechnical
literature to verify their capacities with respect to time. Fnerefore, the present testing
program has been offered for the first time to undeistdnd how the capacities of various
underpinnings can be estimated in expansive soil._eavironment and also provided further
understanding of the approaches that could l€ad to better estimation of axial capacities of
these foundations.

Economics of the resedicd project are important since it is quite expensive to
construct or install deep.foundation type underpinnings and then test them. Therefore, the
number of test elements for each underpinning type was selected such that these tests
would provide adequate information on the present trends of their capacities with respect
to seasonal changes and provide confirmation or rejection of the present industrial
practice of established formulae in this soil

A total of eight (8) helical anchors, six (6) drilled shafts, six (6) drilled and belled
shafts, six (6) augercast piles, twelve (12) pressed steel piles and twelve (12) pressed
concrete piles were constructed or installed and these foundations were tested to address

the main objectives of this research project. Though a larger number of foundations
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would have been preferred for testing, the present number offered sufficient information

to offer explanations or corroborate the variations in their axial capacities.

32 Site Selection

In order to compare axial capacities, it was necessary to find a site where no bed
rock was present. The site should also have sufficient free area to support various types
and numbers of underpinning elements. Bed rock criterion will \easure that all
pier/pile/anchor capacities derive the majority of their loads from, both skin friction and
end bearing in expansive clay soil. Such a site was located iarSouth Irving, Texas and this
site was available to the researcher for performing, the present testing for the whole
duration of the research, which is well over thirty.months. Also the soil conditions at the
site are proven to be ideal for this research, as the soils at this site are expansive in nature.
It should be mentioned that this sité<located in north Texas is well known for expansive
clay soil deposits with Plasticity, lidices ranging from 30 to 60, and the only rock being
shale that can be found.avdépths reaching 70 ft from the surface.

The environmient of Irving, Texas can be characterized as a semi-arid climate
where conditions’may vary from long droughts in the summer to wet conditions in the
spring. For this reason, the first set of underpinning elements were installed in late
August and early September of 2004. These foundations were tested in April of 2005,
when conditions are normally close to the wet period of the year.

This research was planned 24 months in advance of actual implementation.
Therefore, there was no way of knowing that the summer of 2004 as a wet summer with

considerable rainfalls. Temperatures, however, still ran in the upper 90° to 100° F on the
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days when reaction piers were installed. With this type of temperatures, ground
conditions were close to dry conditions of the year and thus satisfied the criterion for dry
seasonal conditions.

The following figures depict the width of variations in the field moisture contents
from year to year and also depict the severe nature of droughts over the past fifty (50)
years. The Palmer Drought Severity Index (PDSI), which is also called as a monthly
index indicates the magnitude of a wet or dry spell. As noted in the Eigures 3.1, 3.2 and
3.3, the variation in rainfall could be extremely severe with positive numbers indicating
wet spells and negative numbers depicting dry periods. In short, this is a meteorological
drought index that is used to assess the severity of a dry or wet spell. This index does not
take into consideration both lake and reservoir levels or stream and river flow. It does,
however, include temperature and the local “dvailable water content of the soil. All the
basic terms of water balance can \be calculated from the input data including:
evapotranspiration, soil recharge, “unoff and moisture loss from the surface layer. There
is no allowance for hufead impacts such as irrigation. Therefore, watering around a
structure during _dry spells may mitigate some amount of drought severity.
(http://www .ncde‘noaa.gov/oa/climate/onlineprod/drought/xmgrg3.html)

The Modified Palmer Drought Severity Index is a modification that was made by
the National Weather Service Climate Analysis Center for their own purposes but is only
different from the standard PDSI in transition years (Heddinghause and Sabol 1991).

Figure 3.1 is a 10 year plot of PMDI for the North Texas area whereas Figures 3.2 and

3.3 provide graphs of PMDI for 15 and 50 year occurrences, respectively.
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Figure 3.1- Palmer Severity Chart for the Last 10 Years.
(http//www.ncdc.noaa.g¢v/aa/climate/onlineprod/drought/xmgrg3.html)
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Figure 3.2 — Palmey; Severity Chart for Past 15 years
(http//www.ncdc.noaa.gov/va/climate/onlineprod/drought/xmgrg3.html)
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Figure 3.3 —/Palmer Severity Chart for Past 55 years
(http//www.ncdc.noaa.gov/oa/climate/onlineprod/drought/xmgrg3.html)
Another measurernent of wide changes in moisture readings can be explained
using ‘Thorntkwait¢ Moisture Index (TMI)’, which has been documented since 1948.
The TMI balances rainfall, potential evapotranspiration and soil water holding capacity.
Negative values indicate dry climates, whereas wet climates are shown with positive
numbers. As depicted on Figure 3.4, the Dallas/Ft. Worth Metroplex is located in an area
with a 0 TMI, which depicts a balance between drought and very wet periods. Areas with
ratings between -20 and + 20 are the susceptible to having problems with expansive clay

soil because of the wide swings in moisture contents of the soils (O’Neill and
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Poormoayed 1980). This method does consider water balance, where there is a storage of
moisture during the wet periods and an evapotranspiration of moisture during the dry

periods (Buol 1997).

Figure 3.4 — Thligrnthwaite Moisture Index (Thornthwaite, 1948)

Figure 25)shows the location of this site with respect to the city of Irving, Texas.
As noted on the map, this location is at the south end of the city and in an area near the
Trinity River, which is the largest river in north Texas.

Also important to the success of this research is maintaining an environment that
is both secure and fair to the different contractors participating in this testing. An attempt
was made to protect the contractor’s privacy by ensuring the following. No two

underpinning contractors worked at the same time and tests on underpinnings were
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conducted with the same privacy rule. Since this location is in locked gate surroundings,

all underpinning elements at this test location were not subjected to any vandalism.

Figure 3.5 — Site Location

67



Figure 3.6 - A View of Tést Site From the North

3.3  Subsurface Investigations
3.3.1 Site Layout and Boring Levations

The project site showa.in*(Figure 3.7) depicts the layout of the site and locations
of borings as they relaté.te the test elements. The reaction pier locations were surveyed
by the researcher swth a transit to place the reaction piers in a true north position. This
layout provided a staggering of the piers so that testing could be maximized with each
pier being used as a reaction point for four (4) reaction beam directions and the potential
for an additional line of reaction piers on the east or west sides for two more directions of
beam placement. Care was taken to establish the pier locations with two straight lines

from north to south that were staggered at 60° angles to supportive piers.
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Soil borings, which are also noted in Figure 3.7, were performed and Shelby tube
samples were retrieved around the site. These samples were subjected to physical tests to
provide a stratagraphic delineation of the underlying soil strata (Figure 3.7). The intent of
the first boring was to explain the subsurface conditions and confirm that this site was
suitable for this research testing.

The first boring was placed off to the side of the test site to make sure that there
would be no contamination of subsurface conditions caused by the bored.hole in a direct
location with a pier or pile. Since a minimum of 50 ft depth to rogl was required, the first
boring was only conducted up to 50ft depth, but sampleg~were continuously retrieved
along the total depth. This test procedure provided Jthe necessary confirmation of
subsurface conditions including the homogeneity. o1 clay and absence of water table and
other conditions that might reduce the consisténcy of this testing (see field boring log #1,
Figures 3.7 and 3.8).

Prediction of axial lodd\cixpacity would only be possible if accurate subsurface
geologic conditions are.X#ot'n, which in turn could reduce the uncertainty involved in the

non-homogeneity nafuare of the soil and rock (ASCE 1984).
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Figure 3.8 - Boring.Cperations Using Augering: Log #1

A total of four (4) ©yrings were performed to make sure a good cross-section of
soil strata was available that would provide soil parameters for testing (Figure 3.7). Since
one of the goais)of this testing was to show changes in axial capacity across wide
variations of moisture content, it was also important to identify the zones of moisture
changes or active depths and then compare it with depths of the piers, piles and anchors.
The second log was taken at the east side of the project, 5 ft away from the beam line,
and is depicted by the attached boring log #2 (Figure 3.9 and 3.10).

The third and fourth borings were located on both the north and south sides of this

site to identify possible stratagraphic dipping from north to south, which was observed in
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this area (see boring logs #3 and #4, Figures 3.11-3.14). It was also important to evaluate
the east to west strata to better apply soil factors in the empirical calculations of the test
subjects.

Another factor in determining the number of soil borings is that one of the
strength characteristics used in determining pier and pile capacity is cohesion, which is
the result of attractive forces between soil particles. Because of these forces, a soil may
exhibit shear strength under no confining pressure condition. Therelore, where ¢ is
negligible, clay soil’s cohesion approaches as near the measured shear strength in the
field conditions (in situ soil) (McNab 2003). If cohesionsinclay soils is the result of
capillary action, it may then disappear or reduce as the '90il dries. The reason that a boring
was attempted at the time of each installatiors.and at time of testing is to correlate
cohesion with axial capacity such that if tii€ piling/pier system is above the zone of
seasonal moisture changes, then these Cohesion phenomena might explain changes in
axial capacity.

Boring #1 was atieripted to identify the suitability of this site for testing. Boring
#2 was performed_at\the time of first half installation. Boring #3 was attempted at the
time of testing ef the first half of underpinning subjects, which was also the time for
installing the second half of subjects. Boring #4 was done at time of testing the second
half of subjects. Therefore, changes in moisture, cohesion, shear strength and the angle of
internal friction were identified and properly determined to help explain changes in
bearing capacity from time of installation.

Unlike the drilled piers that are normally drilled to a specified depth or strata, the

pressed pilings are pushed to a specific installation pressure or at the point the house lifts.
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They must then be stopped to prevent damage to the structure or the pressure exceeds
driver capacity. It is this engineer’s experience and is also reported by remedial repair
contractors that driving depths may vary significantly, even on the same side of a house
or building. Therefore, the number of borings on this site may help suggest why they vary
on this project and where the lenses of clay strata are stiff enough to stop progress of the
piles during installation.
3.3.2 Soil Boring Field Records

The soil borings were conducted with the assistance of Fygro South Inc., a local
geotechnical engineering company, while testing of the soilsamples was attempted at the
UTA geotechnical laboratory in Arlington, Texas. A ‘gpiit spoon sampler was used for
retrieving the samples in the upper 5 ft depth sirice/this material was harder to retrieve in
full. For the depths below 5 ft, a Shelby.tub€ was used with the sample extended after
retrieval by a hydraulic ram provided aif the drill rig. All samples were placed in a clear
plastic sample container, seaied, t0 prevent loss of moisture, marked for location and
depth and axial directiori<tten placed in protective boxes for transport to the UTA Labs

for further geotechnical tests (Figure 3.9).
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Figure 3.9- Recording of Shelby Tube Samples

For the initial boring (boripg #1), the objective was to test the hypothesis that a
rock layer was non existent.in ‘tne top 50 ft. Hence, this boring required continuous
sampling of the soil stratabut testing of soil samples was confined to those that showed
changes in soil appearance and texture. It was also important to establish the water table
location. This area is exposed to droughts in the late summer and wet conditions in the
spring. The summer period at the start of underpinning installation was unseasonably wet
due to several rainfalls occurring during that time. Since the first boring information was
primarily to establish uniformity of soil and to prove that rock was below 50 ft, pocket
penetrometer (P) readings were measured at each depth but no standard penetration tests

(SPT) were attempted at this phase. It should be mentioned that the P readings were only
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used to assess the homogeneity nature of the sample. These results were not used in any
of the subsequent analysis.

The second boring was performed in August on the east side of the project and
was extended to a depth of 63 ft, which was to a point 3 ft into the eagleford shale
formation, an soft Cretaceous-aged argillaceous rock that is common for this area
(O’Neill et al. 1992 and O’Neill et al. 1993). For purposes of evaluating pier capacities,
this shale is considered an Intermediate Geo Material (IGM) as diseussed by O’Neill
(FHWA 1999). For this boring, samples were taken at 5 ft depfi.intervals and standard
penetration tests were performed at the same depth intervais, Here again, the top 5 ft of
soil was collected with a split spoon sampler with seii(telow that point retrieved with a
Shelby tube sampler.

Samples from borings #3 and #4 were retrieved in the same manner as boring #2
and these boring information is prévidgéd in Figures 3.10, 3.11, 3.12, 3.13, 3.14, 3.15,
3.16, and 3.17. Pocket penetrorneter tests were measured on the samples to compliment
SPT readings. The pocket penetrometer is not an accurate test, and provides qualitative
information. Hencey it is not used along with other soil properties. The Standard
Penetration Test«SPT) is more widely used in situ method in the Unites States and is
considered as a reliable method for interpreting soil properties. Procedures for this test
are detailed in ASTM D1586 method. Since the friction of walls induces resistance to the
test equipment during penetration, the measured readings are often subjected to some
error. Hence, the driller opens the hole with a continuous auger prior to each
measurement in order to obtain an accurate measurement of actual soil conditions. Even

with an experienced soil driller, the effect of overburden pressure will produce
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inaccuracies in the SPT measurement. Therefore, same density soils near the surface will
yield smaller N values than those with the same density soils at a deeper depth. To
correct for this inaccuracy, charts have been developed to correct for the effect of
overburden pressure. Formula 3.1 provides the necessary overburden correction factor,
Cn. From this charts the corrected N value becomes:
N’=Cnx (N) (3.1
Where:N’= corrected SPT N value
Cn= correction factor for overburden pressure
N= uncorrected or field SPT value.
As depicted on the field logs, stratum deserij tions were made for each change in

soil.
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Figure 3.10 - Boring #1, Upper Soil Strata Information
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Figure 3.11 — Boring #1, Lower Soil Strata Information
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Figure 3.12- Boring #2, Upper Soil Strata Information
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Figure 3.13- Boring #2, Lower Soil Strata Information
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Figure 3.14- Boring #3, Upper Soil Strata Information
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Figure 3.15- Boring #3, Lower Soil Strata Information
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Figure 3.16- Boring #4, Upper Soil Strata Information
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Figure 3.17- Boring #4, Lower Soil Strata Information
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3.3.3 Laboratory Testing

All soil samples were transported and kept in a 100% humidity control room at
the UTA soils laboratory for subsequent testing. The soil testing was performed in
accordance with the American Society of Testing and Materials (ASTM) procedures.
Physical and engineering soil tests performed in the laboratory included: hydrometer
analysis (ASTM D 422), atterberg limits (ASTM D 4318) and Unconsolidated Undrained
triaxial tests (Figure 3.18).

Wet sieve and hydrometer analyses were performed onsite, clay to characterize
grain size of fine soils from the bore holes. More than 929 0f the site soil is finer than
No. 200 sieve. Atterberg limits consisting of liquid\liiiit and plastic limits were often
measured to determine the plasticity index ,or\P! value. These tests provide general
information about the plasticity nature of subsurface conditions by identifying
characteristics of the clay that are someétimes helpful in determining soil strengths and
shrink/swell parameters. Corieiations with other important soil properties were often
reported in the literature.*T e plasticity index (PI), which is the difference between liquid
limit and plastic limit, has long been used as a standard parameter for characterizing
expansiveness of<lay soil. The PI values of various soil layers ranged between 25 and 40

for this site as evidenced by Table 3.1.
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Table 3.1 - Atterberg Limits of Soil Samples from Borings #1 and #2

Depth LL PL Pl
0'-5' 40 15 35
5'-10' 52 21 31
10'-15' 49 21 28
15'-20' 39 12 27
20'-30' 49 19 30
30'-40' 45 20 25
40'-50' 46 19 26
50'-60' 58 18 40

Free vertical swell tests were performed on select soil saiiples in Oedometer test
setups and these swell strains ranged between 14 to 28% T riaxial tests were normally
used to determine the undrained internal friction anglel{p or ¢,) and cohesion intercept
(Cy), which in turn can provide shear strengthwci soil at various depths. These total
strength or undrained soil properties (cohesion and friction angle) are used in bearing
capacity expressions to predict axiai‘Capacities of pier, pile and helical anchors. Among
triaxial test methods, the unconsolidated/ undrained (UU) test is a rapid test method that
can provide reasonable-miéasure of cohesion intercept and undrained friction angle in clay
soils at their field moisture states, which are close to unsaturated conditions. These UU
tests were made-by testing soil specimens at confining pressures of 20 psi, 40 psi and 60
psi, where three samples were available and at 30 psi and 60 psi when only two
specimens could be prepared from the Shelby tube samples. Results of these tests were

provided in Tables 3.2, 3.3, 3.4 and 3.5 for each boring log.
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Figure 2:i%+< UTA Triaxial Equipment

Table 3.2°<Results of UU Triaxial Tests on Samples from Boring #1

Depth Cu (psi) o (deg)
0-5' 20 11
510" 14 9
10-15' 35 8
15-20' 22 3
20'-25' 25 8
25'-30' 28 1
30-35' 39 1
35"-40' 20 7
4045 19 4
45'-50 20 13
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Table 3.3 - Results of UU Triaxial Test on Samples from Boring #2

Depth Cu (psi) ¢ (deg)
0-5' 24 7
5'-10' 21 9
10'-1%' 36 9
15'-20' 16 1
20'-25' 26 3
25'-30' 23 5
30'-35' 34 3
35'-40' 31 5
40'-45' 17 4
45'-50 15 o
50'-55' 16 10

Table 3.4 - Results of UlJyFriaxial Test on Samples from Boring #3

Depth A (psi) o (deg) mc (%)
0-5' 7 7 20.67
5-10' T 14 13 23.88
10-15' "\ 32 11 23.13
15-20 \J 16 5 24.11
20'-25+ 26 4 22,24
2530’ 34 5 23.12
30'-35' 31 4 2221
35'-40" 21 5 22.98
40'-45' 19 2 23.98
45'-50' 16 7 28.78
50'-55' 14 8 32.99
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Table 3.5 - Results of UU Triaxial Test on Samples from Boring #4

Depth Cu (psi) ¢ (deg) Mc (%)
0-5' 24 8 10.30
5'-10' 25 7 22.51
10'-15' 32 10 23.53
15'-20' 16 1 23.90
20'-25' 27 3 21.85
25'-30' 34 3 22.45
30'-35' 31 5 22.64
35'-40' 21 8 23.82
40'-45' 19 11 25.11

As noted in Tables 3.2 to 3.5, cohesion and obviousiysshear strength of the soil
varied significantly throughout the soil mass and thiss proved to be a factor when
installing hydraulically driven piles. With the (nuniber of soil borings on this site in
conjunction and along with the Cone Penetration Test profile (CPT data presented in
Figure 3.20 and 3.21), a good picture ot rizsistance lenses in the soil helped with pile axial
capacity resistances.

Since triaxial testing»would take months to complete for conducting tests on fully
saturated cohesive sqils;in situ tests utilizing piezocone penetration tests (CPTUs) were
conducted to directly determine undrained shear strength or S, parameters for depths
below 10 ft in all seasons related to summer testing conditions. For the upper 10 ft in
spring conditions, undrained triaxial test results on unsaturated clay samples were used to
establish undrained shear strength values.

The CPT tests were conducted only once (in summer) during the project due to
costs associated with this testing. Hence, UU test values on unsaturated clays were used

to establish undrained shear strengths values for spring conditions.
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Because shear strength varies with moisture content in the soil, this factor was
measured to determine the zone of seasonal moisture change, which is commonly called
the active zone. Figure3.19 shows the variance with depth for the wet season and the dry

s€ason.

MoisturSOContent

0 10 30 40

20 |
30 | —MC Dry
—--—-MC Wet

Depth of Sampling

50 ; BN

60 -

Kigure 3.19 - Moisture Content verses Depth

3.3.4 Cone Penetration Testing With Pore Pressure Measurements (CPTU)
Records indicate the use of probing rods through soft/weak soils to locate firmer
stratum has been practiced since 1917 (Lunne et al. 1997). It was, however, in the
Netherlands that modern CPT was first recognized in 1932. CPT systems are now divided
into three main types: mechanical cone penetrometers (CPT), electric cone penetrometers

(CPT) and piezocone penetrometers (CPTU) (Lunne et al. 1997).
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The initial mechanical probes consisted of a 0.75 in. (19 mm) steel gas pipe, inner
0.59 in. (15 mm) steel rod with a 60% point on the end. The inner rod was pushed down
5.91 in. (150 mm) and measurements of resistance were measured on a manometer. The
outer sleeve was then advanced until it reached a point where point resistance would not
include the side resistance. Measurements were taken every 0.66 ft (0.2 meters) so there
was a continuous profile of soil. Later improvements included adding an ‘“adhesion
jacket” so that side resistance could be measured and estimations of-seil classification
could also be made. Although mechanical penetrometers are stillsused widely because of
their low cost, they are operator dependent and subjective izr¢valuating their data (Lunne
et al. 1997).

Electric cone penetrometers appear to thave been developed in Berlin during
World War II (Broms and Flodin 1988).. Signals from the tip were transmitted to the
ground surface through a cable tha¥ provided accurate and easily recorded results that
eliminated false skin frictiori\re&dings and continuous sampling over the entire soil
stratum. Acoustic trapsiniésion of signals is also used to improve handling of the
segmental rods but ttiere is still a continuous measurement of soil parameters (Jefferies
and Funegard 19$3).

The advent of the piezocone accelerated accuracy and increased information from
the soil including; penetration pore water pressure, sleeve pressure and a correction of
cone resistance for pore water pressure caused by the penetration. Since the ratio of
sleeve resistance to cone resistance is higher in clay than in cohesionless soils, the
classification of soil can be predicted. In most cases, however, it is far more accurate to

add soil boring information for a more precise prediction (Liu and Evett 1992). With the
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increased capacity of computers, other sensors were also included that provided even
better modeling of both clay and sand stratum.

Static cone resistance (q.) is used to determine shear strength based upon effective
overburden stress (p,) and knowledge of the water table. This information also provides
an estimate of the over consolidation ration (OCR), which is very useful in evaluating a
site (Schmertmann 1974; Nelson and Miller 1992).

The cone penetration test (CPT) was used for the first time inhe U.S. in 1965
(Briaud et al. 1991). Within ten years after this use, the meghanical test was being
replaced with an electronic cone. Developments in the electronic cone progressed with
the measurement of pore pressure, which provided “urtiier refinements to soil property
interpretation (Briaud et al. 1991).

Two cone penetration tests were conducted with the assistance of Greg In Situ, a
commercial entity that provided their s€rvices at no cost to this research project. These
soundings were conducted at the iner section of the underpinning elements with one at
the north end and one. %t (the south end (Figure 3.7). Cone Penetration Testing was
conducted by pushing.a specially designed electronic rod with a conical tip attached into
the ground. This<device was capable of measuring tip, sleeve friction and pore pressure
(Figure 3.13). From these measurements, interpretations are made continuously for:
temperature, pore pressure, shear strength, soil unit weight, effective overburden stress at
mid layer depth (o).

Standard Penetration test or SPT N values were also corrected for overburden
pressure, equivalent clean sand and SPT N values, undrained shear strength (S,),

coefficient of permeability (k), pore pressure parameter (Bq), end bearing (Q,), friction
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ratio (Fr), equivalent clean sand correction for q. (K.), soil index for estimating grain
characteristics (Ic), apparent fines content (%) (FC), friction angle (¢), relative density
(D,), overconsolidatation ratio (OCR), cyclic resistance ration for M=7.5 (CRR), youngs
modulus (E), coefficient of lateral earth pressure at rest (K,).

Charts labeled as Figure 3.20 and 3.21 depict measurements of conditions on this
site at the two CPTU test borings. Detailed analysis of interpreted parameters of these
probes are depicted in Tables 3.6 and 3.7, which provide depth (ft)~inc€asurements of
qc(tsf), q; (tsf), fs (tsf), Rf (%), u (psi), SBT (zone).

One of the greatest advantages of the CPTU is that/results can be obtained at the
test spot with no waiting for laboratory testing that ¢an/take several days or a week (see
photos). This method of soil sampling has became accurate and sometimes eliminates
laboratory technician errors. The depth ,of “penetration can be increased by installing
helical anchors and tying down the #g\10 provide much more drive pressure than just the
rig weight. Since the rig is mountzd on tracks, there is the added advantage of all terrain
drive, which allows pot drily slope access but also access to the very soft ground
conditions. There is+aiso a capacity for working off barges and off drilling ships in depths
over 40 m.

Although cone penetration tests are best suited for softer materials, testing of fills
or hard soils are possible by predrilling a hole for the cone. In situations such as course
fills, it may also be necessary to add casing to keep the hole open and prevent damage to
the equipment (Lunne et al. 2002). The operator must also choose a cone penetrometer
that will provide the most accurate data but will fit the environment. Typically, the more

sensitive the tool the more susceptible to penetration damage in very hard stratum.

93



Technological advances, however, have provided higher capacity cones that will perform
near the top of sensitivity input (Zuidberg 1988).

The greatest drawback in cohesive soils, however, is that in stiff clays friction
forces will many times limit the depth of penetration. This project was a prime example
as evident by only being able to penetrate to 41 ft at the north end and 54.7 ft at the south
end of the project. The volume of measurements provided by this test, however, were
invaluable to understanding pressed pile termination depth differences~Also, because the
cone implementation is so similar to the installation of pressedpiles, application of the
soil values should be extremely accurate (Abu-Farsakh and A5ttt 2004).

With the drilled shafts, it is assumed there is™q increase in pore pressure at time
of construction and studies have proved this_ assumption to be correct. With the driven
piles, however, these same studies show axidi’capacity increases over time, for at least a
year because of the decrease in exceys pore pressure. Therefore, CPTU measurements are
considered to be long-term facters that are relevant over time and not just at the instant
measured. With the testifig 01 this research project extending over 6 months, much of this
correction should bewaitigated (Poulos 1989).

Precisior<of soil measurements has been accelerated with the advent of the
computers, but a better understanding of the interface of all soil parameters is even more
important. This involves correction factors that provide a more accurate measurement of
critical geotechnical engineering parameters necessary for better predictions of
performance under different usage demands. The following are examples of some

correction factors used to add accuracy to precise equipment.
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3.3.4.1 Corrections of CPTU Readings: Background

Cone resistance must be corrected for pore water pressure to obtain an accurate
measurement:

gt =qc + uy (1-a) (3.2)
where: q; = corrected cone resistance

dc = measured cone resistance

u, = pore pressure acting being the cone

a = cone area ratio (most range from 0.55 to 0.90)

Sleeve friction must also be corrected for pore pressurcibut this includes not only
pressure behind the cone but also behind the sleeve.

fi =1 — [(2) (Agp) — (u3) (As)]/ As (3.3)
where

fi = corrected sleeve friction

f = measured sleeve fricticn

u, = pore pressuretbehind cone

u3 = pore pressure behind sleeve

Agp =cross sectional area at bottom of sleeve

Ay =cross sectional area at top of sleeve

A, = friction sleeve surface area

Measurement of pore pressure is obviously very important and must be as
accurate as possible. The filter element is used to predict pore pressure but the location
for this element varies somewhat (Lunne et al. 1997). Consensus of opinion, is that the

most accurate and precise location is just behind the cone.
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Axial loading was found to influence pore pressure readings but engineers found
that they could modify the filter paper and calibrate the cone to mitigate these
malfunctions. As a result, most cones are designed to avoid these problems (Bruzzi and
Battaglio 1987).

Temperature at both the ground surface and within the cone can greatly affect
measurements. Therefore, it is important to correct for changes caused by such things as
axial loading and friction of the stratum. Sand, for instance, will many-times increase the
cone temperature as much as 86° (30°C). Therefore, if there is a-gand layer above a clay
layer it is advised to stop after the sand layer to let the gotie cool to an insitu/normal
temperature. While temperature would appear haiiiless, a 41° (5°C) change in
temperature may result in a 1.45 psi (10 kPa) change in q (Post and Nebbling 1995).

Inclination of the probe can alter frue“depth. Therefore, many of the probes will
include a slope indicator (servo acceleroineter) in the tip to correct for true depth.

Insitu stresses in a soii«ngss may be affected by site specific parameters that are
obvious to the knowledgeabie engineer. If, for instance, a large excavation has begun,
there may be a redection in horizontal pressure, which may alter results. Conversely, a
large amount of/fill may have been deposited near enough to the probe to increase
horizontal pressure. There are no recognized methods to correct for these altering factors
so the engineer will many times have to use experience to take into account any effect on
total bore hole measurements.

The cone penetration provide characterization of thin layers, which in turn can be
used to identify differing soils since the probe will sense a change in stratigraphy before

reaching the boundary for this change. It may also be slow to recognize when it is leaving
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a stratum so there will be delayed reaction. If the layer of soil is soft, accuracy will be far
greater than if the material is stiff clay because of the delay in registering resistance
changes. For this reason, thin sand layers in a clay section may not provide accurate cone
resistance factors. Charts have been developed that add a factor to derive the corrected
cone resistance factor as a function of layer thickness (Vreugdenhil et al. 1994).

After recording continuous measurements of the various parameters, it may be
necessary to make corrections for a “best fit” line when at the bottom~of.the probe. This
will lessen the chance of wide scatter that may suggest much mnre variance in the soil
profile than actually exists (Lunne et al. 2002).

Since the test requires calculation of the involye irea of the probe, it is necessary
to check the diameter prior to starting a test tC.ernsure wear has not lessened the area
enough to alter the measurements. Dimensions and tolerance for cones have been
established around the world where the.international Test Procedure for Cone Penetration
Test (IRTP) is the most recoghiized’standard of practice (Lunne 1997).

It is important fattte operator to observe plots taken from the penetration tests to
ensure that these are esable in scale and format. Definition and clarity are very import to
provide precision‘for each parameter. It is also recommended that a check of readouts be
made that will require derivations of measurements. These readouts include: corrected
cone resistance, corrected sleeve friction and the friction ratio of fy/q.. Another correction
is performed when normalized excess pore water pressure (U) is determined using
measured pore pressure.

U = (u¢ — uy)/(uj — u,) (3.4)

where:
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u; = pore water pressure at time t

u; = pore water pressure at time = 0

U, = in situ equilibrium or hydrostatic pore water pressure

Even as advancements in modern tools and computers have been made, the
operator is still crucial to obtain meaningful test data. They are capable of looking at
outputs and knowing when information is relevant in a particular envirotiment.
3.34.2 Interpretation/Derivation of Soil Parameters frem Piezocone (CPTU)

Several important factors can be accurately interpreteasfrom CPT tests based upon
measured factors such as; pore pressure, cone resistaricoy temperature, moisture content,
etc. Since this research is focused on underpinniag 2lements in clays, only measurements
in clay are discussed here.

For a prediction of soil density-it is necessary to first derive the pore pressure
parameter ratio, B.

By = (U2 — Uo)/(qs % Gub) (3.5)
where:

u, = porepressure between cone and friction sleeve

U, = equilibrium pore pressure

Oy, = total overburden stress

g: = cone resistance corrected for unequal end area effects
A second factor is net cone resistance qp:

gn = gt — Ovo (Ton/sf) or (MPa) (3.6)
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A chart has been developed (Larsson and Mulabdic 1991) that roughly plots
densities (#/cf) or (kN/m’) against the pore pressure ratio and net cone resistance in
combination with the type of clay material.

An approximation of the overconsolidation ratio (OCR) can be derived using
CPTU by several means. These include use of the measured undrained shear strength (sy),
shape of the CPTU profiled and directly using CPTU data.

Computation of OCR can be found using shear strength (s,) that ean be measured
or estimated in conjunction with estimates or laboratory tests af -plasticity index (Ip),
effective vertical stress (c’y,) and coefficient of earth pressure at rest (K,) and the
computed ratio of s, /6’y, (Schmertmann 1974, 1975), Als*stated above, the determination
of OCR by these means is an approximation aind. should be confirmed with laboratory
testing when possible. Because these estimates are very sensitive to other estimates such
as the coefficient of permeability anid“ydraulic conductivity, overburden pressure, pore
pressure, etc., the practitioner shatid confirm when relying on this factor.

There is no precisesway to determine the in situ horizontal stress (on) or the
coefficient of lateraiearth pressure at rest (K,) from CPT in fine grained soils. There are
methods of estimating this factor, however. These methods may include using OCR: K =
0.1(qt — ovw)/ o’yo (Kulhawy and Mayne 1990), using pore pressure difference:
Normalized Effective Overburden Pressure (PPAV) = (u; - w)/ 6’y to then
approximating K, off a chart (Sully and Campanella 1991) and measure lateral pressure
on the friction sleeve but with less than reliable results (Lunne et al. 1997).

Undrained shear strength is extremely important to predictions of axial capacities

of piers and piles as evidenced by the empirical formulas for these predictions. With CPT
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there are several ways to predict this in situ factor with the probe penetration. Each must,
however, take into consideration the strain rate and a fact that no clay soil is isotropic but
is in an anisotropic state where strength is directional (Holtz and Kovacs 1981).

With each of the many methods of prediction of this factor, there is a common
relationship between tip resistance and shear strength.

e = (Ne)(8u) + 0o (3.7
where:

gc = tip resistance (psi)

N = theoretical cone factor

0, = the in situ total pressure (psi)

su = undrained shear strength (psi)

CPT provides two recognized methods of measuring strength characteristics such
as undrained shear strength and efiective friction angle. The two methods of
interpretation of cone pené€tration testing are theoretical methods and empirical
correlations.

With theoretical solutions, the cone penetration is a complex matrix of forces that
must be correlated with equally difficult estimates of soil behavior, failure factors and
boundary relationships to the probe. Because these factors must be correlated with
laboratory testing to prove their accuracy, they are not a preferred method of prediction.

Empirical correlations for undrained shear strength (s,) using CPT and CPTU rely
upon an estimation of: total cone resistance, effective cone resistance or excess pore

pressure.
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With total cone resistance (qc) the following formula is used for CPT:

Su = (qc — Ovo)/Nk (3.8)
where:

su = undrained shear strength (psi)

dc = measured cone resistance (psi)

Oyo = 1n situ total pressure (psi)

Ny = empirical cone factor

With CPTU this formula has been improved to include «corrections for pore
pressure to measure cone resistance (q;). Nx was also impeoved to included OCR and
plasticity index (I,) to a new factor Ni. Values of Ny are shown to vary with OCR and
the plasticity index (Aas et al. 1986). This formuia.is (Lunne 1997):

Nyt = (gt - Gvo)/Su or 8y = (q¢ - Oya)/ Nkt 3.9
where:

Nk = cone factor, which¥c7 this test was set at 15

gt = corrected cong 1esistance = qc + (1-a)u,

a =area of\Cane = A, /A,

u, = porg pressure behind cone

Oy, = 1n situ total vertical stress

The shear strength values calculated using this formula must be used cautiously
because they may not be accurate in over consolidated clay soils. Improvements in the
cone factor are being developed so the future may provide a greater accuracy factor.

With effective cone resistance, Campanella (1982) suggests the formula becomes:

Su= qe/Nke = (qt - uZ)/Nke (310)
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where:

su = undrained shear strength (psi)

ge = effective cone resistance (psi)

Ny = cone factor

q: = corrected cone resistance (psi)

u, = pore pressure behind cone (psi)

Problems with this system are similar to those of total cone resistance in that the
factors are very sensitive to miscalculations of pore pressure that4s not always accurately
estimated by CPTU.

It appears the most accurate way to calculate'slhiear strength is by using excess
pore pressure (Au), (Lunne 1997). Where:

Su = Au/Nypy (Au=uy —uy) (3.11)
where:

su = undrained shear streagth (psi)

Au = excess pore wdter pressure (psi)

Nau = cone factor determined by user

u, = pore-pressure behind cone (psi)

U, = in situ pore pressure (psi)

While piezocones (CPTU) should be used for greater accuracy, site specific
factors are still important. This means that different factors should be utilized for
different stratum on the site. It is recommended that total cone resistance be used when
little is known about a new site with Ny, selected at the upper limit for a greater factor of

safety. In very soft clays with no history for determination of q;, s, should be estimated
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from the excess pore water pressure (Au) using Nu, with a value selected from the upper
limit. As with other interpretations, laboratory testing of soil borings will add to the test
accuracy.

Clay sensitivity (S;) is the ratio of undisturbed undrained shear strength to
remolded undrained shear strength. CPT sleeve friction (f) is an approximation of
remoulded undrained shear strength. In sensitive clays, however, it is difficult to measure
sleeve friction, which makes the correlation not as accurate. A formuia/for estimating
sensitivity as proposed by Schmertmann (1978) is:

Si = Ny/R¢ (3.12)
where:

S; = sensitivity

N = is a constant

Ry = friction ratio of sleeve =x1}/;)(100%) or (fi/q;)(100%)

Use of the effectivé stress method is very important in the calculation of axial
capacities of driven, ‘piles. CPT interpretations of the factors important to measuring
effective stress have been proposed as follows (Lunne 1997):

gt - Ovo = Nim(0'vo + @) (3.13)
where:

By = Au/ (G- Gvo)

N = (Ng-1)/(1+ Ny Bg)

B = angle of plastification as charted to determine tan ¢’

a = attraction
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N, = bearing capacity factor
= tan’ (45 + @’Va) x g™~ 2Pan @’
U = excess pore pressure measured immediately behind cone
N = bearing capacity factor
=6tan ¢’ (1-tang’)

Because of the difficulties in exactly determining the distribution‘of stresses and
pore pressures around a cone, any such estimation of ¢’ and ¢ cap-9only be made with a
correlation to site specific laboratory soil borings and laboratary testing to help reduce
the many assumptions required from CPT.

Several attempts have been made to accurafely measure the constrained modulus
(M) using CPT data but none to date_have accurately depicted this factor (Lunne
1997)(REF). Undrained Young’s modualus (E,) can be estimated using the undrained
shear strength and a constant'{n).that is dependent upon OCR, clay sensitivity and the
choice of shear stress leyal drid when possible the plasticity index (Ip).

The shear medulus (G) has been estimated from soil density and shear wave
velocity (Mayne.and Rix 1993).

G=pV,?’ (3.14)
where:

G = small strain shear modulus

p = mass density of the soil = y/g

V, = shear wave velocity
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Charts have been developed to estimate these factors. For heavily over-
consolidated clays, the value can vary by up to 300% (Butcher and Powell 1995).
Therefore, caution is advised.

Important to many foundation problems is the determination of the coefficient of
consolidation (¢) and the hydraulic conductivity or permeability (k). These factors are
measured from the dissipation or decay of pore pressure in time after the stop in
penetration. This is expressed by:

cy =k Mlyy) (3.15)

Because of problems estimating the initial §0se pressure distribution, soil
disturbance due to penetration, and difficulty .cetimating the horizontal to vertical
pressure dissipation as a result of soil anisatropy, the accuracy of determining the
coefficient of consolidation is rough at best.

Equally difficult to interpfetr1s the coefficient of permeability (k). While soil
permeability can be estimditd) from the soil types listed in CPT classification charts,
reliance on these interprétations are not always accurate.
3.3.4.3 Applicaticns to Axial Capacity

The most frequently used in situ test as referenced by foundation engineers is the
Standard Penetration Test (SPT). Correlations between SPT have been made for:
unconfined compressive strengths (qy), overburden pressure, relative density, and internal
angle of friction (Das 1990). Because of the popularity of CPT, research has been done to

correlate CPT and SPT parameters.
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Studies to correlate SPT (Ngyp) to CPT’s g. have established the ratio as
(Robertson 1986):

(qe/pa)/Neo (3.16)
where:

gd. = measured cone resistance (for clays use q;) (psi)

pa = atmospheric pressure (14.65 psi)

Neo = SPT energy ratio

From this correlation, the soil behavior index type, L, is estavlished as:

I = ((3.47-log Q)* + (log F; + 1.22)%)%7 (3.17)
where:

Qq = the normalized cone penetration résistance and is dimensionless

F; = the normalized friction ratioand is in percent.

The values of 1. provide 2 actor to compare with different soil types that are
divided into Zones from, i t6/12.

With these tactors, the following equation provides the CPT-SPT ratios (Lunne
1997 modified fzem Jefferies and Davis 1993):

(qe/pa)/Neo = 8,5 (1 - 1./4.6) (3.18)

Jefferies and Davis (1993) indicate that the methods above likely produce a closer
estimate of SPT N values because they are more reliable/repeatable.

Axial capacity of piles is a combination of skin friction (Qs) plus end bearing (Qy)

values:

Quit = Qs + Qo (3.19)
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or:

Que =1, X As+gp X Ap (3.20)
where:

f, = unit side friction

A, = outer pile shaft area

gp = unit end bearing

A, = pile end area

Of the accepted methods, the effective stress B method has)been the most accurate
for predicting axial capacity in clay soils (Burland 1973).Fi0m this analysis, numerous
CPT tests have been carried out that closely track with/the effective stress method and
appear to show that there is no better method;of*eaiculating axial capacity of piling than
that provided by CPT. This is due in part-because of the continuous profiling of the soil
that provides much more informatién™o calculate the capacity factors. Although there
have been multitudes of studies*aid several sets of empirical formulas, two stand out as
the best; Bustamante apd"Gianeselli (1982) and de Ruiter and Beringen (1979).

With the Bustamante and Gianeselli method both side friction and end bearing are
calculated from*the CPT factor of mean q., that is the pile unit end bearing q,. The end
bearing is then calculated as:

dp =Ke X qea (3.21)
where:

Jca = €quivalent average cone resistance

k. = end bearing coefficient

For pile skin friction, the value of q is divided by the friction coefficient oy cpc:
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f=qc/ arcee

Since only q. is used to calculate both side friction and end bearing, this method
may have an advantage because interpreting f; in CPT data is sometimes difficult (Lunne
1997).

With the de Ruiter and Beringen method, unit end bearing q, is calculated by
measuring the average q. over a distance of (0.7D to 4D) and 8D. The skin friction f;, is
the product of a x s,, which is a measure of .. Where a is a constant that/varies between
0.5 for O.C. clay to 1.0 for N.C. clay. Bustamante and Gianeselli are the most

conservative methods but both methods should be measured-against local experience.

3.3.4.4 The CPT Logs for the Two Probes at this Site
Figures 3.20 and 3.21 present CPT irieasurements along with soil classification
information. Corrected strength facterss\were used to determine shear strength parameters

for each soil layer and these réstlts’are included in Table 3.6 and Table 3.7.
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Table 3.6 - Summary of Results from CPT #1

Depth q: f R; N N1 Su

s : @
@) | psi) | psi) | (%) |“®PV| 60y | (60) | (deg) | (psi) | OCR
0'-5' 416 6 5 3 9 18 0 29 10
5'-10' 486 23 4 8 18 34 0 30 10
10'-14' 347 8 3 10 12 14 0 42 9.8
15 308 8 3 35 9 10 0 17 5
16'-28' 347 8 3 10 12 14 0 29 9.8
28'-39' 356 8 3 35 9 10 0 38 5
39'-43' 297 6 3 34 8 9 0 22 5

*Note: N values are estimated from CPT readings; q;and f, are tip-and friction
resistances, respectively; R; - Friction ratio

Table 3.7 - Summary of Results from 27T #2

Depth t fs . N N1 0} Su
) | @s) | @sh | P19 Y@ | g0 N (sh) | (deg) | s | O
0'-5' 347 6 1 3 6 13 0 29 10
5'-10' 500 20 1.5 20 12 15 0 28 10
10'-14' 347 7 2.5 22 ~ 12 21 0 43 10
15' 305 5 2 35 8 12 0 18 6
16'-28' 347 7 2.5 22 12 21 0 30 10
28'-39' 305 5 2 58 8 12 0 37 6
39'-49' 305 5 790 8 8 0 20 4
49'-54' 694 3 0.8 _T 20 12 10 0 16 3.5

*No¢to: N values are estimated from CPT

Table 3.8 presents undrained shear strength S, parameters interpreted from in situ
cone penetration tests for the summer periods and borehole laboratory test data for upper
10 ft in the spring condition. The SPT data of last depth section was used for determining

the undrained shear properties of the shale layer.
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Table 3.8 — Undrained Soil Strength Parameters from CPT

Spring 2005 Summer 2005
Depth of Section Sy (psi) Sy (psi)

0'-5' 10** 29
5'-10' 18** 28
10-13' 42 42

15' 17 17
16'-28' 29 29
28'-39' 37 37
39'-49' 20 20
49'-55' 16 16
55'-60"' 12 RN
60'-75' 192* 1ag*

*Estimated from N value (Bowles, 1977)
**Provided by UU Triaxial Tests

Figure 3.22- CPT Rig Performing Test on Site
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3.4  Installation of Reaction Piers and Tie-down Bars

To allow over thirty (30) days between installation of reaction piers and tie-down
of the bars, reaction piers were drilled and poured in June of 2004. Reinforcing steel
consisted of 5- #11°s with #3 — 6 in. pitch stirrups from bottom to top. To ensure the steel
stayed in proper position, plastic shoes were placed at the bottom of the vertical #11’s
and side rolling spacers were set on the stirrups for lateral alignment. Because of the
extreme weight of the final cage, cage racks were required to suspend, the vertical steel
and the stirrups were rolled around the support chains so that each could be tied with tie
wire with not only attachment between stirrups and vertical"steel but also diagonal ties to

keep the steel properly set (Figure 3.23).

Figure 3.23- Reinforcement Cages Being Tied for Reaction Piers
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Figure 3.24- Installation of Reaction Piers

Figure 3.25 — Reaction Piers and Reinforcing Steel
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To provide tie-down for the load test beams, four 1-in. Dywidag bars were set at
90° positions around the reaction piers with a 10 ft embedment into the concrete just
inside the steel pier cage. Because the north to south beams were run across the tie-down
bars, two of the Dywidag bars were sectioned with a screw in coupling at the top of the
concrete so that these two bars could be removed when testing the north to south

direction.

Figure 3.26 — Plan View of Reaction Piers and Tie-down Bars

Due to early planning, the site provided ample room for vehicles and machinery

to operate around the test site. Arrangements for mowing the site, spreading excess soil,

115



and transporting it to low spots away from this site provided an excellent test site that
contributed to smooth execution of the planned tests on underpinnings. The major
disadvantage in clay soils is that the drive friction often prevents penetration to depths
required to fully evaluate the stratagraphic lenses and the CPT probe is only able to
penetrate into soft shale, which may not provide enough data to fully explore

underpinning penetration depths for many foundations.

3.5  Transport and Setting of Reaction Beams

After concrete in the reaction piers had reached 28qdy strength, the beams were
transported to the site. Beams required for the presseailing were set and strapped into
place to provide resistance for installation of these/elements. While the pressed concrete
piles are designed to be driven directly undei-ihe grade beam, the preferred choice of the
pressed steel contractor of this reseaiciis to bolt a bracket at the edge of the grade beam
and then using resistance provigec/oy the house to push the piles to the desired resistance.
To emulate this conditiafratbracket was welded to the beam and installation sleeves were
used to resist bending moments caused by the push (Figure 3.38). Since the steel piles
were set in one<beam line in groups of three, only 3 welded brackets were required and

the beam was moved as required for the next set.
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Figure 3.27- Reaction Beams for Uijderpinning Testing

The larger beams were designated fer'the drilled shafts and augercast piles but
were not set until time of testing. Beeause of the complexity of the reaction pier layout
and beam configuration for effici¢ricy of design, a considerable amount of crane standby
time was necessary, butythisrhelped reduce the overall cost of this experiment with the
better utilization of fiie expensive reaction piers.

3.6  Installaticn of Test Subjects

Assurances for the privacy of the companies that installed their underpinning
products required scheduling of times and days for their installation. Privacy in
conjunction with equipment problems necessitated that the first half of underpinning
subjects was installed over three weeks. Climatic conditions did not change, however, as

the same precipitation frequency and duration was consistent over this installation period.
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3.6.1 Drilled Straight Shafts

The first underpinning products installed were drilled straight and belled shafts.
As depicted in the methodology section, these piers were 12 in. diameter and 15 ft deep,
which represents standard specifications for most remedial underpinning and new
construction of residential houses in this area. The standard drilling rig for this
construction is the Texhoma 600 series. This rig is truck mounted and very maneuverable
on not only the highways but also on a construction site. Two rigs were.utilized for this
project. The auger used for drilling the straight shafts was measured and found to be

exactly 12 in diameter.

Figure 3.28 — Drilled Straight Shafts
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The three pier holes required for this first half of the research were quickly drilled
and checked for depth, vertical alignment and cleanliness. Drilling was monitored to
make sure the drilling was continuous and uniform so rifling would not occur that might
increase side friction and produce unreasonable ultimate capacities. As expected from the
soil borings, no water was visible in the holes. Reinforcement consisting of 4- #5 vertical
members was set with #3 — 6 in. square stirrups at a spacing of 12 in. o.c. to form a cage
that was set into the holes and concrete was poured with the top scre¢nisd off for a level
surface. Reinforcing steel was made of grade 60 with the verticaiysieel providing 1% of
the area of the pier as required for drilled shafts in expanéive clay soils (FHWA 1999).
Fiberglass side spacers were used to position the steeiwiile the crane supported the cage

until concrete placement was complete to a point approximately half way (Figure 3.30).

Figure 3.29- Drilled Shaft Installation
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Concrete was specified at a 4,000 psi compressive strength, which is a common
design to reduce potential material compression when the test load is applied. Concrete
slump was specified at 8 in. with no aggregate larger than 3 in. for good material flow so
that all reinforcing steel would be engaged with no flaws in the pier structure. This
concrete mix would be classified as a Texas Department of Transportation or TxDOT

Class C with coarse aggregate grade 5.

Figure 3.30- Pouring of Concrete Piers

3.6.2 Drilled and Belled Shafts

Three belled piers were drilled to the same diameter and depth as the straight
shafts but the bottom was under-reamed or belled with an attachment that widens the
bottom to create more bearing capacity and also provide resistance to uplift forces that

are experienced in expansive clay soils. The belling tool was measured at full extension
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and showed to reach exactly 30 in. from tip to tip. When the belling tool was installed on
the Kelly, the length of vertical travel of the Kelly stem was measured so that the driller
would know when a complete extension had been achieved. Each bell required a
minimum of 4 trips to ensure full extension and a clean hole. A regular drill bit was also
run into the hole after completion of the bell to make sure no pier spoil was left on the

bottom of the hole as a result of spilling out of the belling tool barrel.

Figure 3.31 — Belled Drilled Shafts
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Kigure 3.32- Installation of Belled Piers

The same steel, concrete and placement procedures were utilized to provide good
quality control and there was no ground water visible in the hole at the time of placement.
The rig used for this operation regularly drills new and remedial holes because of it’s

maneuverability around the site and versatility with the smaller residential holes.

122



3.6.3 Augercast piles

Figure,3.32 — Augercast Piles

Three augercast piles requited stabbing a steel auger frame into the ground over
the selected pile locations, aboking up the injection lines to the grout pump and starting
the power units to power the continuous auger drive head. Prior to starting the auger, the
grout pump was. calibrated to make sure that the operator knew exactly how much grout
by volume was pumped on each stroke. This required, using a 55 gallon barrel and
counting strokes of the pump until the barrel was full to determine volume required to
provide a quality hole. With this knowledge the operator knows when the grout has
reached a level 4 ft above the bottom of hole so that augured soil can be pushed up ahead
of the bit extraction and bore hole integrity can be maintained with no voids created in

the shaft as a result of caving soil or misplaced auger excavations.
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The soil conditions at this site show stiff clays, which did not cave with the drilled
shafts. Therefore, the potential for caving was very low. Quality control measures were
taken to ensure a competent shaft was installed. This process was repeated at each pile
location and the same reinforcing steel cage as the one used in drilled shafts was lowered

into the grouted area.

Figure 3.34- Installation of Augercast Piles
Since the soil at this site is a stiff expansive clay soil with no caving potential,
lateral movement of the soil in the borehole was not considered to be a problem. When

augercast piles are installed in sand, there is always a potential problem with mining the
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soil up the auger by pulling is from outside the borehole, especially if the driller rotates
the auger at a rapid penetration rate. The result is a loss in skin friction that may lower
axial capacity below requirements for the pile (Brown 2005). To eliminate any chance of
soil mining, the augercast contractor rotated the auger slowly (15 rpm) such that only the
soil displacement volume of the auger and stem was removed from the hole and no
rotating idling at the bottom was allowed prior to grout injection through the annulus.

The mix design was supplied by the augercast contractor and. tie local redi-mix
concrete supplier provided a full design specification for review/y both contractor and
researcher. The mix design specifications were a mininiuwn 10.39 sacks of Portland
cement, compressive strength of 4 ksi, water/cement(ratio of 0.427, maximum slump of 8
in. and no entrained air.

Table 3.9 - Avgercast Mix Design

. \ . Abs
Material / 5. P. Lbs/cy Ratio Vol/Yard
Cement Type.i, 3.15 762 0.78 3.876

Flyash Clags.F 2.33 215 0.22 1.478
A
Fine Agg ':’r'w'r;'itg 2.64 952 0395 | 5779
Course Agl TE””'.W 2.64 1460 0.605| 8863
= nnis
Watél 1 3 0.427 6.678
Admix #1 Grout Aid Ibs. 3 0 0.003
Admix #2 FI Oz 0 0 0
Admix #3 Ibs. 0 0 0
Entrqlned % 0 0 0
Air
E””/ii'?ped % 1.2 0 0.324
Totals: 3885.2 27.0 ft®
Unit
Wi 143.9 pcf
W/C
/s 0.427 50.0 gallyd
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3.6.4 Helical Anchors

Eight helical anchors were installed at locations depicted on the project map by
excavating a small hole to start the bit and then applying torque pressure and adding
extensions until a specified 5,000 ft-l1bs torque was reached on each of the helical anchor
installations. Two types of helical anchors, single helix (12 in.) or double helix (10 in.
and 12 in.) are used in this research. For repeatability reasons, two of each type were
installed but with the same maximum installation torque.

Anchors were installed with a driver that provided readsus of torque to gauge
pressures. The torque varies with gear ratio and hydraulic disptacement but the method of
calculation is the same for every drive head. The labeic¢n the driver unit shows: 2,500 psi
= 4,278 ft-Ib and 3,000 psi = 5,097 ft-1b. Thercfere, 3,000 psi of pressure was chosen

since we did not have to try and stop at a gifficult unmarked point on the gauge pressure.

Figure 3.35- Installation of Helical Anchors
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As seen from the driving depth chart, helical anchors of different depths for the
same drive torque were installed at the site. Since this site is in an alluvial plain with
differing soil stratum over the depth of the subsurface, differences in penetration depth
are acceptable. However, these depths were small and acceptable as per the practicing
engineers’ experience in this area. These depths are consistent with those reported across
the U.S. and Canada (Sharp, 2004). Zhang (1999) reports that axial compression capacity

of helical anchors increases with the depth. This aspect was addressed in this research.
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Figure 3.36 — Single Helix Anchor
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Figure 3.37 — Double Helix Anchor

The first two (2) helical anchors were installed with a single helix shaft (Figure
3.36), but the second 2 anchors were installed with double helix (10 in. helix and 12 in.
helix set 3 ft apart as shown in Figure 3.37). The double helix is commonly used for

vertical capacity when soil conditions are poor from a strength point of view. As
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expected, the double helix did not penetrate to deeper zones due to increased shear
strength created by the second helix.

Table 3.10 - Helical Installation Record

Installation Pier Type Drive Drive Pressure Drive Torque (ft-
Date # Depth (psi) lbs)
Sep.2004 27 Single 34' 3,000 5,097
Sep.2004 28 Single 45' 3,000 5,097
Sep.2004 31 Double 30' 3,000 5,097
Sep.2004 32 Double 28.5' 3,000 5,097
Apr. 2005 25 Single 34' 3,000 5,097
Apr. 2005 26 Single 26' 3,000 5,097
Apr. 2005 29 Double 27' 3,000 % 5,097
Apr. 2005 30 Double 32 3,000 5,097

In installing the helical anchors, one inter¢stitig phenomenon was noted. The
efficiency of rotation into the ground was not:consistent. This was observed by counting
rotations into the ground to determine wlicther each turn coincided with vertical descent.
To determine this factor, the verticai distance of the helix for a complete turn was
measured to be 3-3/16 in. lgng.(Figures 3.36 and 3.37). Therefore, if the rotation was
completely efficient, then ‘it would take 18.82 rotations to travel the 5 ft length of solid
extension (60 in./273875).

As noted in the following table, this efficiency varied with depth. It should be
noted that the top 11.67 ft (5 ft extension + 6.67 ft of stem with helix and one extension
cord) was not counted in this calculation since there is some inefficiency when an anchor

was moved into the ground.
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Table 3.11 - Installation Inefficiency of Single Helix

Rotation of

Helix
B o [orier | o | B0 | B | B | ST | S
27 | Single C?Sm 41 19.5 19.5 21.5 - -
28 | Single C?Sm 39 36.5 23 23 24.5 22
25 | Single C'(;'Snt 26 24 23 22 - -
26 | Single Cg‘{j’nt 22 21 21 - 5 -

As noted above, the helix were driven lower than 31.67/ft"and 36.67 ft but for

purposes of measuring accuracy, only complete 5 ft lengtks were recorded. The rotation

observations in Table 3.11 are only for the single heli%. The following table shows the

double helix measurements for the four pilé¢s, bt the inefficiency measure was very

consistent.
Table 3.12 - Insta!lation Inefficiency of Double Helix
__ Y Rotation of Helix
Pier . T AN67- | 1667- | 21.67- | 2667- | 31.67- | 36.67-
# | Deeth 0'11'67! %667 | 2167 | 2667 | 3167 | 3667 | 4167
31 | Double CNO | 53 32 29 : : i
auat
32 | Double =420 47 29 31 i ] ]
wount
29 | Double | NO 51 27 28 - ; ;
Count
No
30 | Double | 57 36 29 - ] ]
ount

It is obvious that the installation inefficiency in this soil for the double helix is

worse than that of the single helix. Therefore, the disturbance factor for the double flight

helix is much greater than the same of the single helix, when only a single auger screws

into the ground. This would confirm that in stiff clay soils, inefficiency of the installation
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creates an auguring effect that leaves some amount of void/disturbance behind the
leading edge of the helix and greater disturbance of the soil under the second helix.

Since it is difficult to visualize the exact happenings behind the auger rotations of
the helix, it is obvious that some of this action is similar to that of an auger bit drilling a
pier hole as there is slippage below the helix, which creates a void/disturbance behind the
auger as it rotates. Bobbitt et al. (1997) noted that the efficiency of rotation during
installation is important to cause the least amount of disturbance to the'ssil. Adams and
Radhakrishna (1971) and later Zhang (1999), showed the distusbance of clay reduced
undrained shear strength considerably. It is also evident asythe helix penetrates deeper
into what appears to be denser soil, it increased efficienCy. Therefore, it is important that
the soil behind the helix provides enough resisiance to overcome friction resistance to
penetrate into the soil.

If the capacity of helical ancikis does not meet existing empirical predictions, the
possible creation of a trailing “veid’and slipping of the auger will cause the primary load
bearing element of the.ielix to be the point and leading edge of the flight. It is this
engineer’s experieneénin using helical piles for remedial repairs that each helix must be
individually “seated” (pressure applied from house resistance to push the piling down
until the house lifts) using the weight of the house to gain enough strength to provide
support and lift the structure.

3.6.5 Pressed Steel Piles

With the reaction beams in place, the steel pressed piles could be hydraulically

driven into position. This installation required welding of the steel bracket that normally

is bolted to the concrete foundation beam. Installation drive pressure had been established
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at 50 kips. The contractor first set the lead pipe with shear ring at the bottom, started
pushing piles, and added 5 ft sections as the pipe progressed downward. As depicted on
the project installation map, there was some variance in termination depth. The final axial
load of 50 kips was targeted for all foundations. At the time of installation, the initial
capacity was established at 50,640 lbs. The drive pressure was established at 3,000 psi on
the gauge, which was easier to read but this calculated out at 50,640 1bs in lieu of 50,000

Ibs.

Figure 3.38- Installation of Pressed Steel Piles
Monitoring of gauge pressure during installation revealed there were variations in

soil resistance during the penetration. Most of these resistive layers/objects were weak
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enough and the pile diameter was small enough that the installation was not prematurely
stopped but it was evident that shear strength and cohesion was not linear and could
inhibit the depth of larger piles such as the pressed concrete piles.

In order to test if the removal of structure load had any effect on later capacity (6
months after installation), three (3) of the initial six (6) pilings were left with no load
from the test beam and three (3) were kept with a resistance to movement and were
secured in place. This split test will determine if there is an impact with.thixotropy or if
these pilings will have set-up capacity to increase axial capagity even greater than

installation pressure.

Figure 3.39 — Pressed Steel Pile
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Table 3.13 - Pressed Steel Driving Records

Installation Gauge Pressure Drive Force

Date Pile # (psi) (Ibs) Final Depth
Sep. 2004 13 3,000 50,640 44
Sep. 2004 14 3,000 50,640 70’
Sep. 2004 15 3,000 50,640 75'
Sep. 2004 22r 3,000 50,640 35'
Sep. 2004 23r 3,000 50,640 25'
Sep. 2004 24r 3,000 50,640 26
Apr. 2005 16 3,000 50,640 57'
Apr. 2005 17 3,000 50,640 -, 64
Apr. 2005 18 3,000 50,640 L¢ 51'
Apr. 2005 19r 3,000 50,640 58'
Apr. 2005 20r 3,000 50,640 (/ 66'
Apr. 2005 21r 3,000 50,640 57

3.6.6 Pressed Concrete Piles

To promote a typical comparison, thé.coiiCrete pressed piles were hydraulically
driven into position on the same beaniline as the steel pressed piles and in close
proximity. As evidenced with the ste€l.pressed piles, there were zones of stiffer resistance
at each of the driven concrete \piles. Because the diameter is larger, however, some of
these zones of resistance.“were stiff enough to max out the drive ram and stop
advancement at sqine.shallow depths. As an example, the depth for PC-1 and PC-2 varied
15 ft even though the distance between the pilings was only 4 ft and subsurface borings
and CPT indicated homogeneous clay soil. As noted on the installation chart below, the
drive pressure was held constant at 50 kips. Therefore, the variances in depth could only
be explained by soil strength characteristics or other resistive obstructions. Here again,
the initial axial load capacity was 50,000 pounds.

The procedure for pushing the concrete piles was to set a 6 in. X 12 in. precast pile

section and push downward with a hydraulic jack until it was fully installed and then add
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another cylinder and repeat the process. In lieu of a shear ring at the bottom, there was a 4
in. diameter round and 8 in. long precast section bottom section to help break up thin

zones and help penetrate better.

Figure 3.40 — Pressed Concrete Pile
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Figure 3.41- Iastallation of Pressed Concrete Piles

It is also importdnt to note that the driving sequence was: pile #1 followed by
piles 2, 3, 6, S-and 4. Therefore, there was no densification of soil with the initial pile
driving. According to ASTM 1143, piles must be kept three (3) diameters apart to prevent
group influence. These piles were actually eight (8) diameters apart. Therefore, there was

no influence from adjoining piles.
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Table 3.14 - Pressed Concrete Driving Records

Installation

Gauge Pressure

Drive Force

Date Pile # (tons) (Ibs) Final Depth
Sept.2004 1 25 tons 50,000 7.67'
Sept.2004 2 25 tons 50,000 10.17'
Sept.2004 3 25 tons 50,000 27.42'
Sept.2004 7r 25 tons 50,000 15.67'
Sept.2004 8r 25 tons 50,000 10.67'
Sept.2004 or 25 tons 50,000 25.67'

Apr. 2005 4 25 tons 50,000 24.67'

Apr. 2005 5 22 tons 44,000 Broke/Abandoned
Apr. 2005 6 25.5 tons 51,000 19.67'

Apr. 2005 10r 25.5 tons 51,000 24.67'

Apr. 2005 11 23 tons 46,000 Broke/Abandoned
Apr. 2005 12r 25 tons 50,000y 28.67"

Figure 3.42- Installation of all foundation elements complete in September 2004
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3.7 Load Testing Set-Up

Because of the differences in underpinning types, a standard load test, ASTM D
1143-81 (Reapproved 1994) was chosen as the method for this field testing. This method
is referred to as the “Standard Test Method for Piles Under Static Axial Compressive
Load”. As described in the introduction, “This standard has been prepared to cover
routine methods of testing to determine if a pile has adequate bearing capacity”.

Reaction piers/anchor piles are installed at both sides of the unqerpinnings. Steel
rods extended from out of the reaction pier to tie-down a reactionseeam such that a testing
ram was installed between test subject and reaction beamws to provide resistance to
determine axial capacity. The test ram has been calibzated for this test. Since the test ram
may indicate loads 10% to 20% greater than aectial load transfer to the pier/pile, care
must be taken to make sure there is even and€qually distributed pressure imposed on the
pile head (Figure 3.43).

To compensate for deflectiOn of the steel reaction beams, steel angles/beams are
placed on each side of the est member with a deflection gage to show actual deflection
from its original postéion (ASTM D 1143, 4.1.1- 4.2.1). A 1 1n. thick steel plate is set at
the top of drilled’piers and auger cast piles to distribute stresses. Potential for moments
created around the helical anchor shaft and steel piles requires that a pipe be welded to
the test plate to resist bending moments that might compromise the actual test results for
true vertical pressure (ASTM D 1143, 3.1.1- 3.3.4). For the steel pipe and helical anchor
there is a 3 in. inner diameter pipe welded to a 1 in. thick and 6 in. long round diameter
steel plate, while the concrete piles are large enough to only require the 1 in. thick by 12

in. diameter round plate to transfer load from the test ram to the piling subject.
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Figure 3.43 - Test Reaction Beains and Test Ram (ASTM D-1143)

Procedures for determinafiofrof axial capacity required a load was applied from
the test ram and this load was)increased in increments of 10 to 15% of the initial drive
pressure and deflectior was recorded until a maximum downward deflection had been
measured that showed the pile failed by an inability to hold pressure. Deflection was
plotted against test pressure to show actual failure of the shaft or pile (ASTM D1143-81)
Pile load test interpretation in this manner is identified as the plunge method (US Army
1991). Each determined load was held for two (2) minutes and the deflection gauges were
monitored during this time to ensure that deflection did not change. This method is
termed as the Quick Test as delineated in ASTM D1143, which produces an accurate

testing of axial capacity in a reasonable time period.
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Figure 3.44 — Researcher Setting Coupled Tie-down Bar with Loader in
Background

Figure 3.45 — Researcher Moving Beam into Place for Test
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The following field test chart (Figure 3.46) was developed by the researcher and
was used for this testing to measure deflection and applied load and determine ultimate
capacity of each pier, pile or helical anchor. A separate chart was used for each

foundation element and then transferred to the manuscript.

AXTAL LOAD CAPACITY TESTING LOG

Figure 3.46 — Field Measurement Log
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3.8  Reaction Piers and Beams

A common practice is to install reaction beams on each side of the element to be
tested. For this research, the maximum axial compression test members are 12 in.
diameter drilled and belled piers, 30 in. diameter drilled concrete piers with 72 in. bells
installed with 4,000 psi concrete and 1 in. diameter dywidag bars installed to an
embedment depth of 10 ft to resist pull out forces (Figure 3.25). Reinforcing steel bars of
size #11 were used as longitudinal reinforcement. The #3 hoops were alse’used at a 6 in.
pitch to compensate for moments around the shaft and any yibration forces induced
during testing or installation.

As noted in Figure 3.26, 4-1 in. diameter dywidag bars were imbedded into the
piers to allow strapping of the reaction beams awloecations directly over the test subjects.
For efficiency, two of the four Dywidag.bais at each reaction pier were provided with
couplings at the top such that the reikforcement bars could be removed or moved to allow
for beams set at 60 degree angles #0 the north to south main beam line (Figure 3.25). The
dywidag bars were desigitated as GR 150 THREADBARS and are rated for a maximum
capacity of 1,020 kipsu(500 tons) with a 2 : 1 safety factor the resulting testing capacity of
510 kips (250 tens) as determined by ASTM A 722 (Dywidag). This factor of safety
exceeds empirical capacities based upon soils information in the area and this research
engineer’s own experience with previous axial load capacity testing at the 2000 education
workshop in Ft. Collins, Colorado.

The reaction beams were donated to this research and as evidenced in the photos,
these “I” beams varied in length, height and flange width. To evaluate suitability for this

testing, a structural program called RISA- 2D was used to calculate anticipated deflection
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with an estimated maximum weight of 80 kips. Even the smallest beam passed the
deflection criteria and would be used for the pressed piles and helical anchors. Another
factor was that the larger beams had previously been used in a similar load test by Dr.
Michael O’Neill with good success on even larger test subjects (30 in. x 30 in. X 60 in.
bell) and capacities in excess of 200 kips.

The reaction beams were secured to the reaction piers with the Dywidag bars and
specially fabricated strap channel. Dywidag nuts were used in conjutiction with large
washers to provide the necessary resistance for the beams to pravide a secure locking.
Blocking was also necessary to provide resistance to laterainslippage and rotation of the
reaction beams.

3.9 Test Ram and Pump

The test equipment for this research*was a 100-ton capacity ram and pump for
testing foundations in the April 26035, test and a 200-ton capacity ram and pump for
testing foundations in the Atugust 2005 testing. This test ram is double acting, which
means the pressure cafi be reversed to push the cylinder downward. The overall
dimensions of the 108 ton cylinder were 12 in. diameter x 1 ft - 2 in. tall with a plunger
that is 8 in. diameter (Figure 3.47). The 200 ton cylinder was 12 in. diameter x 1 ft - 8 in.
tall that included a plunger that is 8 in. diameter. Use of this tester was donated for this
testing by Con-Tech Systems who had no subjects for testing or economical benefit from
this research. The Gauges and ram for the April testing were calibrated by Rone
Engineering of Dallas, Texas on April 19, 2005 as evidenced by the calibration sheet for
the one gauge used for this testing, see Figure 3.48. The April 2005 test ram was

calibrated by RST Instruments of Coquitlam, British Columbia, Canada, see Figure 3.49
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and Figure 3.50. Note* only one gauge was used for consistency. Because the test ram is
14 in. high and 20 in., when in place, all test subjects were kept a minimum of 24 in.

below the reaction beam.

Figure 3.47- Test Equipment

As evidenced By#the chart, there is an almost linear plot of gauge pressure to force
and the dial is gradpated in 100 psi increments up to a peak force of 10,000 psi. This
results in a maximum output of 207,500 1bs of force for the 100 ton jack and 422,300 lbs
of force for the 200 ton jack. With estimated maximum axial capacity of the belled piers
being an approximate 180,000 lbs, an excess pressure to test capacity is well within
expectations.

Because the pump is mechanical, gradual increases of pressure are easily

maintained, which increases the sensitivity of the pressure increases and accuracy of the
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measurements. With the fabricated 1 in. thick plate on top of the piers/pilings, the ram is

protected and an even application of pressure is easily made.

Figure 3.48 — Test Ram Calibration for 100 Ton Jack and Gauge
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Figure 3.49 - Calibration of 200 Ton Test Ram and Gauges
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Figure 3.50 - Calikxation Chart for 200 Ton Jack

3.10 Summary

This research project was designed to test the axial compression capacity of six
commonly used uriderpinning techniques used for remedial home repairs. Four soil
borings were coiiducted at differing times of the research schedule to provide a good
profiling of soil conditions. Two CPT tests were also performed at each end of the project
for further profiling and modeling of soil conditions. ASTM D-1143 was followed to test
each of the underpinning foundations. The test lines were set at 60° angles to provide the
maximum number of test elements. Reaction piers were installed around the site with tie-
down bars to secure the reaction beams for compression testing of each pier, pile and

helical anchor. All six (6) foundation types were installed with spacing between the
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reaction piers at a minimum 3 diameters apart so that soil modification as a result of
foundation installation would not affect neighboring test values. Test equipment was

calibrated and deflection gauges set to measure deflection with respect to load.
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CHAPTER 4

AXTIAL CAPACITY TESTING OF FOUNDATIONS

4.1 Introduction

In this chapter, test results from axial compression load tests performed on the
present underpinning foundations were presented. Each foundation ¢lement was installed
at different seasonal periods (wet and dry seasons) and testedwi®’ the opposite seasonal
period. Hence, results explain the variation in seasonaiinstallation and their impact on
final load test results.
4.2  Axial Load Test Results
4.2.1 Straight Drilled Shafts

Testing of the three straigiit drilled shafts installed in August of 2004 was
conducted on April 26, 200£. Set-up and test procedure was in accordance with ASTM
D1143 method (also kaOwn as the Quick Test). Loading pressure was applied from the
test ram in gradual amounts, while deflection on each side of the test plate was monitored
from dial gauges placed upon the drilled shaft. Each loading pressure was held for a time
period of 2.5 minutes or until the deflection readings remained the same. In both cases,
the longer time period was close to 2.5 minutes before increasing the loading to the next
increment. Loading pressure increments were made in consistent increments to properly
determine the ultimate load. The pressure and strain gauge measurement were then

recorded at each time.
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Figure 4.1 - Field Testing of the Stiraight Shafts

The following Tables 4.1, 4.2, 4.3 and Figure 4.2 presents recorded results from

testing of the three drilled straight shafts with failure axial capacity along with

displacement gauge readings.

Table 4.1 - Test Kesults For ‘Dry to Wet’ Straight Drilled Shafts: Pier #43

Installation | Piér |\D&pth Initial Final Initial Final Ultimate
Date # I Pressure(psi) | Pressure(psi) | Deflection(in) | Deflection(in) | Capacity(lb)
Aug.2004 43 15' 1,000 1,000 0 0
2,000 2,000 0.011 0.011
3,000 3,000 0.027 0.027
4,000 4,000 0.038 0.038
5,000 5,000 0.073 0.073
5,100 5,050 0.35 0.359
5,100 5,050 0.473 0.497 104,160
3,000 3,000 0.488 0.488
1,500 1,500 0.423 0.423
0 0 0.373 0.374
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Table 4.2 - Test Results For ‘Dry to Wet’ Straight Drilled Shafts: Pier #44

Installation | Pier | Depth Initial Final Initial Final Ultimate
Date # Pressure(psi) | Pressure(psi) | Deflection(in) | Deflection(in) | Capacity(lb)
Aug.2004 44 15' 1,000 1,000 0 0
2,000 2,000 0 0
3,000 3,000 0.012 0.012
4,000 4,000 0.028 0.028
5,000 4,900 0.101 0.101
5,000 4,900 0.149 0.149
5,000 4,900 0.221 0.231
5,000 4,900 0.247 0.253 100,990
3,000 3,000 0.253 0256~
1,500 1,500 0.233 0.232
0 0 0.205 0.205

Table 4.3 - Test Results For ‘Dry to Yvot’ Straight Drilled Shafts: Pier #42

Installation | Pier | Depth Initial i Final Initial Final Ultimate
Date # Pressure(psi)-|“\Pressure(psi) | Deflection(in) | Deflection(in) | Capacity(lb)
Aug.2004 42 15' 1,000 ¢ 1,000 0 0
2,000 2,000 0 0
-?,LTOO 3,000 0.028 0.028
[ \4,000 4,000 0.046 0.046
L/ 5,000 5,000 0.059 0.061
N\ 6,000 6,000 0.07 0.07
~ 6,200 6,100 0.085 0.085
6,200 6,100 0.125 0.028
6,200 6,100 0.2 0.211 126,410
4,000 4,000 0.211 0.211
2,000 2,000 0.203 0.203
0 0 0.154 0.154
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Figure 4.2 - Load vs. Deflection Plots for Shafts Installed in August and Tested in April

Another set of three straight'driJled shafts were installed in April of 2005 and

were tested on August 17 and 187 20605.

The following Tables 474, 4.5, 4.6 and Figure 4.3 was recorded from testing of the

three drilled straight sifafts with failure pressure indicated and corresponding axial

capacity below.gauge reading:
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Table 4.4 - Test Results For ‘Wet to Dry’ Straight Drilled Shafts: Pier #39

Installation | Pier | Depth Initial Final Initial Final Ultimate
Date # (ft) Pressure(psi) | Pressure(psi) | Deflection(in) | Deflection(in) | Capacity(lbs)
Apr. 2005 39 15 500 500 0.02 0.02
1,000 1,000 0.035 0.035
1,500 1,500 0.05 0.05
2,000 2,000 0.06 0.063
2,500 2,500 0.08 0.09
2,600 2,600 0.1 0.112
2,700 2,600 0.14 0.16
2,700 2,600 0.18 0.21,~
2,700 2,600 0.23 027
2,700 2,600 0.342 0.581 106,600
2,000 2,000 0.381 0.381
1,500 1,500 0371 L{N° 0371
1,000 1,000 0.385) 0.365
500 500 (9345 0.345
0 0 N\ 0.32 0.32

Table 4.5 - Test Results For%Wet to Dry’ Straight Drilled Shafts: Pier #40

Installation | Pier | Depth 'r.:ual Final Initial Final Ultimate
Date # (ft) : n.?:ssil):re Pr?:ssil):re Defl(tie:)tlon Defl(tie:)tlon Capacity (Ibs)
Apr. 2005 40 1C_ 500 500 0.021 0.021
~| ( 1,000 1,000 0.06 0.06
| 1,500 1,500 0.077 0.077
2,000 2,000 0.09 0.09
2,500 2,500 0.1 0.105
3,000 3,000 0.121 0.123
3,100 3,000 0.16 0.162
3,100 3,000 0.192 0.195
3,100 3,000 0.227 0.232 123,000
2,000 2,000 0.21 0.21
1,000 1,000 0.166 0.166
0 0 0.145 0.145
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Table 4.6 - Test Results For ‘Wet to Dry’ Straight Drilled Shafts: Pier #41

Installation | Pier | Depth Initial Final Initial Final Ultimate
Pressure Pressure Deflection(in) | Deflection(in) .
Date # (ft) (psi) (psi) Capacity(lbs)
Apr. 2005 41 15 500 500 0.10 0.1
1,000 1,000 0.2 0.22
1,500 1,500 0.3 0.32
2,000 2,000 0.055 0.058
2,500 2,500 0.1 0.112
2,600 2,500 0.332 0.338
2,600 2,500 0.4 0.411 ~
2,600 2,500 0.523 0.555 102,500
2,000 2,000 0.554 0.5a4
1,500 1,500 0.506 __’).505
1,000 1,000 0.473 0.473
500 500 0.44 ( 0.439
0 0 0.402 0.402
140,000 T
120,000 +
100,000 -+ ) I
80,000 —e— Pier #39

—

60,200

40,000 -

Axial Compression Load (Ibs)

20,000 -

—o— Pier #40
—n— Pier #41

0.2 0.3

0.4

Deflection (in.)

Figure 4.3 - Load vs. Deflection Plots for Shafts Installed in April and Tested in August
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4.2.2 Drilled Belled/Under-reamed Shafts

Tests were conducted on three drilled belled shafts installed in August of 2004 on
April 26, 2005. Set-up and test procedure was in accordance with ASTM D1143 (Quick
Test). Pressure was applied to the foundation from the test ram in incremental magnitudes
and the deflection on each side of the foundation was monitored. Pressure or load
increment was kept the same for 2.5 minutes or until the deflection readings remained the
same, which ever was longer. Then the next load increment waS“applied and the

deflection readings from the gauge measurement were then recorded:

Figure 4.4 — Load Testing of Belled Shafts
Tables 4.7, 4.8, 4.9 and Figure 4.5 present load-deformation results of the three
drilled belled shafts with failure pressure indicating the ultimate axial capacity of the

shafts.
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Table 4.7 - Test Results for ‘Dry to Wet’ Belled Drilled Shafts: Pier #36

Installation | Pier | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Defl.ection Defl.ection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Aug.2004 36 15’ 1,000 1,000 0 0
3,000 3,000 0 0
5,000 5,000 0.16 0.16
6,000 6,000 0.33 0.33
7,000 7,000 0.57 0.57
8,000 8,000 0.112 0.119
8,200 8,200 0.14 0.14
8,400 8,400 0.158 0.158
8,600 8,600 0.181 0.187 —l——
8,800 8,700 0.21 0213 '\
8,800 8,700 0.315 02325
8,800 8,700 0.41 0423
8,800 8,700 0.447 ( Jl \ 0.456 180,790
8,000 8,000 0.447 0.447
6,000 6,000 0.422 0.432
4,000 4,000 " 0.421 0.421
2,000 2,000 _|> 0.402 0.402
1,000 15,200 0.39 0.389
0 g 0.304 0.304

Table 4.8 - Test Results for <B15to Wet’ Belled Drilled Shafts: Pier #37

Installation | Pier | Depth | |Iriitial Final Initial Final | Ultimate
Date # | Press_ure Press_ure Deflgction Deflgction Capacity
Al (psi) (psi) (in) (in) (Ibs)
Aug. 2004 | 3715 1,000 1,000 0 0
- 3,000 3,000 0 0
| 4,000 4,000 0 0
1 5,000 5,000 0 0
S 6,000 6,000 0 0
7,000 7,000 0.012 0.012
7,500 7,500 0.057 0.059
8,000 8,000 0.087 0.093
8,200 8,200 0.112 0.119
8,400 8,300 0.222 0.231
8,400 8,300 0.312 0.319
8,400 8,300 0.383 0.397 172,540
8,000 8,000 0.397 0.397
6,000 6,000 0.397 0.397
4,000 4,000 0.388 0.388
2,000 2,000 0.378 0.378
1,000 1,000 0.369 0.369
0 0 0.303 0.303
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Table 4.9 - Test Results for ‘Dry to Wet’ Belled Drilled Shafts: Pier #38

0.2

0.4

Deflection (in)

Installation | Pier | Depth Initial Final Initial Final Ultimate
Date # Pr?;ssit;re Pr?;ssit;re Defl(eiz:)tlon Defl(tie:)tlon Capacity(Ibs)
Aug. 2004 | 38 | 15 1,000 1,000 0 0
3,000 3,000 0 0
5,000 5,000 0.011 0.011
6,000 6,000 0.017 0.017
7,000 7,000 0.043 0.043
7,500 7,500 0.077 0.077
8,000 8,000 0.101 0.103
8,200 8,100 0.137 o149 [
8,200 8,100 0.21 0.21
8,200 8,100 0.333 0.349 168,380
8,000 8,000 0.349 00349
6,000 6,000 0349 [ 0.349
4,000 4,000 0.332 0.332
2,000 2,000 0,211 0.311
1,000 1,000 | 0.b78 0.278
0 0 () 0.223 0.223
200,000
g 180,000
<, 160,000 |
% 140,000~ 15
S 120,298
(]
290,000
¢ 80,000
2
£ 60,000 —e— Pier #36
% 40,000 —o— Pier #37
3 20,000 —— Pier #38
0 - 1 1

Figure 4.5 Load vs. Deflection Plots for Shafts Installed in August and Tested in April

158




Tests were conducted on three drilled belled shafts installed in April of 2005 on
August 17 and 18, 2005. Set-up and test procedure was in accordance with ASTM D1143
(Quick Test). Pressure was applied to the foundation from the test ram in incremental
magnitudes and the deflection on each side of the foundation was monitored. Pressure or
load increment was kept the same for 2.5 minutes or until the deflection readings
remained the same, which ever was longer. Then the next load increment was applied and
the deflection readings from gauge measurement were recorded.

Tables 4.10, 4.11, 4.12 and Figure 4.6 present load-defermation results of the
three drilled belled shafts with failure pressure indicating 4 ultimate axial capacity of
the shafts.

Table 4.10 - Test Results for ‘Wet to Dry’ %elled Drilled Shafts: Pier #33

Installation | Pier | Depth Initial Final Initial Final Ultimate
Date # Pr?:ssit;re - ."r?:ssit;re Defl(eiz:)tion Defl(eiz:)tion Capacity(Ibs)
Apr. 2005 33 | 15 500 -~ 500 0.032 0.032
1000 © 1,000 0.06 0.06
198007 1,500 0.091 0.091
2,000 2,000 0.1 0.1
.~ 2500 2,500 0.106 0.114
"4 3,000 3,000 0.116 0.125
RQ 3,500 3,500 0.128 0.128
N 4,000 4,000 0.179 0.181
4,200 4,000 0.321 0.351
4,200 4,000 0.422 0.448
4,200 4,000 0.616 0.689 165,500
3,000 3,000 0.616 0.616
2,000 2,000 0.606 0.606
1,000 1,000 0.553 0.533
500 500 0.573 0.573
0 0 0.523 0.523
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Table 4.11 - Test Results for ‘Wet to Dry’ Belled Drilled Shafts: Pier #34

Installation | Pier | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflection Deflection Capacity

(psi) (psi) (") (" (Ibs)
Apr.2005 | 34 | 15 500 500 0.012 0.012

1,000 1,000 0.037 0.037

1,500 1,500 0.05 0.05

2,000 2,000 0.088 0.088

2,500 2,500 0.096 0.096

3,000 3,000 0.111 0.113

3,500 3,500 0.141 0.145

4,000 4,000 0.191 0201

4,100 4,000 0.221 0.252

4,100 4,000 0.276 2281

4,100 4,000 0.286 (" 0.298 165,500

3,000 3,000 0.256. )| 0.256

2,000 2,000 5,22 0.22

1,000 1,000 [ (\G2 0.2

0 0 I\ 0.155 0.155

L

Table 4.12 - Test Results for;Wet to Dry’ Belled Drilled Shafts: Pier #35

Titial

Installation | Pier | Depth | Final Initial Final Ultimate
Date # | Press_ure Press_ure Deflection Deflection Capacity
I (psi) (psi) () () (Ibs)
Apr. 2005 35 ) 500 500 0.001 0.001
~ \ v 1,000 1,000 0.001 0.001
2,000 2,000 0.004 0.004
3,000 3,000 0.011 0.011
3,500 3,500 0.022 0.022
4,000 3,800 0.1 0.111
4,000 3,800 0.251 0.257
4,000 3,800 0.291 0.302 157,060
3,000 3,000 0.302 0.302
2,000 2,000 0.264 0.264
1,000 1,000 0.254 0.254
0 0 0.209 0.209
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Figure 4.6 Load vs. Deflection Plots for Shafts Installed in April and Tested in August

4.2.3 Augercasy Piles
Testing on three augercast piles installed in September of 2004 was conducted on
April 26, 2005. The same test procedures described in the earlier sections were followed

for these tests.
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Figure 4.7 — Field Testing of Atgercast Piles

Table 4.13, 4.14, 4.15 and~Figure 4.8 present both load and deformation data,

including the ultimate capacifyof the foundation in 1bs.
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Table 4.15 — Test Results for ‘Dry to Wet’ Augercast Piles: Pile #50

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Pressure Pressure Deflection Deflection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Aug. 2004 50 15 1,000 1,000 0.007 0.007
2,000 2,000 0.043 0.045
3,000 3,000 0.057 0.061
4,000 4,000 0.075 0.078
4,500 4,500 0.101 0.105
5,000 4,900 0.291 0.322
5,000 4,900 0.478 0.512
5,000 4,900 0.731 0.811 100,990
3,000 3,000 0.811 0.811 )
1,500 1,500 0.799 0.79%
500 500 0.778 0.778
0 0 0.711 0711
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Figure 4.8 - Load vs. Deflection Plots for Augercast Piles Installed in August and
Tested in April

Test on three other augercast piles installed in April of 2005 were performed on
August 17 and 18, 2005. Figure 4.16, 4.17, 4.18 and Table 4.6 present both load and

deformation.
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Table 4.18 — Test Results for Wet to Dry’ Augercast Piles: Pile #48

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Pressure Pressure Deflection Deflection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 48 15 500 500 0.032 0.032
1,000 1,000 0.051 0.051
1,500 1,500 0.071 0.071
2,000 2,000 0.087 0.088
2,500 2,500 0.102 0.105
2,800 2,600 0.211 0.218
2,700 2,600 0.331 0.34
2,700 2,600 0.521 0.535 ( 106,760
2,000 2,000 0.521 0.32¢
1,500 1,500 0.511 . &511
1,000 1,000 0.5 0.5
500 500 0.479_ \ 0.479
0 0 0.421 0.401
120,000 ¢
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Figure 4.9 - Load vs. Deflection Plots for Augercast Piles Installed in April and
Tested in August
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4.2.4 Helical Anchors

Testing of the four helical anchors installed in September of 2004 was conducted
on April 21, 2005. It should be noted here that the notation ‘H-1" indicates a single flight
12 in. helical anchor and notation ‘H-2’ indicates a double helical anchor with helix of 10
in. and 12 in. The same test procedures described in the earlier sections were followed for

these tests.

¥Figure 4.10 - Field Testing of Helical Anchors

Tables 4.19, 4.20, 4.21, 4.22 and Figures 4.11 and 4.12 present both load and
deformation data, including the ultimate capacity of the foundation in lbs. All results are
presented separately for the single and double helical anchor. These tests were referred to

as ‘dry to wet’ helical anchors.
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Figure 4.11 - Load vs. Deflection Plots for Single Flight Helical Piles Installed in
August and Tested in A pril

Table 4.21 — Test Results for.*Dry to Wet’ Helical Anchors: Helix #31

Double Helix  H-2
Installation | Pile | Depth nitial Final Initial Final Ultimate
Date # | I‘ress_ure Press_ure Defl_ection Defl_ection Capacity
| (psi) (psi) (in.) (in.) (Ibs)
Sept.2004 | 31 59 200 200 0.025 0.025
500 500 0.054 0.054
1,000 1,000 0.07 0.073
1,200 1,200 0.121 0.121
1,400 1,400 0.187 0.187
1,500 1,400 0.23 0.23
1,500 1,400 0.52 0.591
1,500 1,400 0.88 0.878 27,580
1,000 1,000 0.878 0.878
600 600 0.809 0.809
300 300 0.773 0.773
0 0 0.669 0.669
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Table 4.22 — Test Results for ‘Dry to Wet’ Helical Anchors: Helix #32

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Pressure Pressure Deflection Deflection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Sept.2004 | 32 28.5 200 200 0.027 0.028
300 300 0.027 0.031
500 500 0.035 0.039
700 700 0.053 0.054
1,000 1,000 0.121 0.123
1,200 1,200 0.178 0.182
1,300 1,300 0.25 0.252
1,400 1,400 0.38 0.387_ L¢
1,500 1,400 0.43 0.430
1,500 1,400 0.563 _0._567
1,500 1,400 0.783 ™~ £.789 27,580
1,000 1,000 0775\ 0.775
600 600 0+742 0.713
300 300 ;)_.:%9 0.689
0 0 C.676 0.676
30,0001
. A 00 0—o
[:]
2 25.000)
g‘ r
T25,000 |
o [
T>> i
= 15,000 +
8 B
£ 10,000 |
8 [ —o— Pile #31
T 5000 —o—Pile #32
<
O ey
0 0.2 0.4 0.6 0.8 1

Deflection (in)

Figure 4.12 - Load vs. Deflection Plots for Double Flight Helical Piles Installed in
August and Tested in April
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The second set of tests on the rest of four helical anchors installed in April of
2005 was attempted on August 16 and 17, 2005. The same test procedures described in
the earlier sections were followed for these tests. Tables 4.23, 4.24, 4.25, 4.26 and
Figures 4.13 and 4.14 present both load and deformation data, including the ultimate
capacity of the foundation in lbs. These foundations were referred to as ‘wet to dry’

helical anchors.

Table 4.23 — Test Results for ‘Wet to Dry’ x!¢lical Anchors: Helix #25

Single Helix  H-1

Installation | Pile | Depth Initial Finai Initial Final Ultimate
Date # Press_u re Press_u re Defl_ection Defl _ection Capacity
(psi) N () (in.) (in.) (Ibs)
Apr. 2005 25 34 100 I 100 0.112 0.112
200 [ 200 0.12 0.121
300’ 7| 300 0.173 0.173
ﬁ;ﬂ 400 0.233 0.225
e, 300 500 0.255 0.256
~[ "7 600 550 0.45 0.455
LN P 600 600 0.47 0.472
650 600 0.49 0.495
l 650 600 0.53 0.577 24,720
500 500 0.577 0.577
300 300 0.534 0.534
100 100 0.456 0.457
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Table 4.24 — Test Results for ‘Wet to Dry’ Helical Anchors: Helix #26

Single Helix  H-1
Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Pressure Pressure Deflection Deflection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 26 26 100 100 0.121 0.121
200 200 0.178 0.178
300 300 0.188 0.19
400 400 0.211 0.211
500 500 0.231 0.245
600 600 0.318 0.338
700 620 0.377 0.401 of
700 620 0.512 0 55_1
700 620 0.791 0.899 25,544
500 500 0.881 '()9.881
300 300 0.812 L= 0.812
100 100 079 0.701
0 0 £,6R25 0.625
30,000
5 25,000 % S o
° £
© L
3 20,00y T
o i
215,000 |
g 19000 |
=3 L
5 10,000 -+
o L
© [ —o— Pile #25
< 5,000 | —o— Pile #26
0+ | | | |
0 0.2 0.4 0.6 0.8 1

Deflection (in)

Figure 4.13 - Load vs. Deflection Plots for Single Flight Helical Piles Installed in
April and Tested in August
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Table 4.25 — Test Results for ‘Wet to Dry’ Helical Anchors: Helix # 29

Double Helix H-2
Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Defl_ection Deﬂ_ection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 29 27 100 100 0.101 0.101
200 200 0.15 0.152
300 300 0.156 0.156
400 400 0.185 0.187
500 500 0.205 0.209
600 600 0.265 0.271
700 650 0.362 0.367 ~
700 650 0.385 0,389
700 650 0.43 0.436
700 650 0.53 (0537
700 650 0.72 N N"0.821 26,780
500 500 0.816 0.816
300 300 N.206 0.806
100 100 |\ Q791 0.791
0 0 0.746 0.746

Table 4.26 — Test Results for ‘Wet to Dry’ Helical Anchors: Helix # 30

Double Helix H-2

Installation | Pile | Depth Tnival Final Initial Final Ultimate
Date # ."rr,ss_ure Press_ure Deflgction Defl_ection Capacity
Y (psi) (psi) (in.) (in.) (Ibs)

Apr. 2005 30 2 100 100 0.06 0.06

AN 200 200 0.1 0.1

[ 300 300 0.133 0.133

400 400 0.175 0.175

500 480 0.2 0.2

500 500 0.23 0.23

600 500 0.25 0.25

600 600 0.28 0.287

700 680 0.3 0.304

700 680 0.402 0.412
700 680 0.65 0.651 28,016

500 500 0.622 0.622

300 300 0.56 0.56

100 100 0.501 0.501

0 0 0.453 0.453
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Figure 4.14 - Load vs. Deflection Plots for Double Flight Helical Piles Installed in
April and Tested in August

4.2.5 Pressed Steel Pilings

In the case of\pressed steel pilings, tests were conducted on all six piles as per the
same procedurcs. The pressed steel piles were installed in September of 2004 and tested
on April 21, 2005. The same test procedures described in the earlier sections were

followed for testing the pressed steel piles.
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Figure 4.15 - Field Testing of the Rr¢ssed Steel Piles

Tables 4.27, 4.28, 4.29, 4.30, 4.31, 4,32.and Figure 4.16 present both load and

deformation data, including the ultimate capactity of the pressed steel piles in 1bs.

Table 4.27 — Test Results foz “Ory to Wet’ Pressed Steel Piles: Pile #22

Installation | Pile | Depth Ihitial Final Initial Final Ultimate
Date # Pless_ure Press_ure Deflgction Defl_ection Capacity
__|r (psi) (psi) (in.) (in.) (Ibs)

Sept.2004 22r 35 200 200 0.01 0.01

500 500 0.08 0.08

1,000 1,000 0.115 0.115

1,500 1,500 0.208 0.208

1,800 1,800 0.28 0.28

2,000 2,000 0.305 0.305

2,200 2,200 0.358 0.358

2,400 2,400 0.425 0.425

2,600 2,400 0.5 0.5

2,500 2,400 0.611 0.75
2,500 2,400 0.821 0.833 48,320

2,000 2,000 0.833 0.833

1,000 1,000 0.816 0.816

500 500 0.798 0.798

0 0 0.735 0.735
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Table 4.28 — Test Results for ‘Dry to Wet’ Pressed Steel Piles: Pile #23

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Defl_ection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Sept.2004 | 23r 25 200 200 0.04 0.04
500 500 0.67 0.67
1,000 1,000 0.081 0.081
1,500 1,500 0.105 0.105
1,800 1,650 0.2 0.24
1,800 1,650 0.275 0.533
1,800 1,650 0.778 0.942- 33,000
1,000 1,000 0.943 0.943
500 500 0.923 0.923
0 0 0.876 1), 0.876

Table 4.29 — Test Results for ‘Dry to Wet’ Pressed Steel Piles: Pile #24

Installation | Pile | Depth Initial Fical — Initial Final Ultimate
Date # Press_ure Pr(ess_ure Deflgction Defl_ection Capacity
(psi) ~, (psi) (in.) (in.) (Ibs)
Sept.2004 24r 26 200 R 200 0.009 0.009
500 500 0.043 0.043
1,000 1,000 0.08 0.085
15500 1,500 0.092 0.093
2,000 2,000 0.143 0.143
» 2,200 2,200 0.17 0.175
2,400 2,400 0.2 0.209
2,500 2,500 0.231 0.243
2,600 2,600 0.24 0.24
2,800 2,600 0.275 0.377
2,800 2,600 402 0.656
2,700 2,600 0.767 0.833 52,480
2,000 2,000 0.833 0.833
1,000 1,000 0.812 0.812
500 500 0.734 0.734
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Table 4.30 — Test Results for ‘Dry to Wet’ Pressed Steel Piles: Pile #13

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Defl_ection Capacity

(psi) (psi) (in.) (in.) (Ibs)
Sept.2004 13 44 200 200 0.2 0.2

500 500 0.35 0.37

1,000 1,000 0.074 0.077

1,500 1,500 0.123 0.127

1,700 1,700 0.146 0.167

2,000 2,000 0.201 0.223

2,200 2,100 0.303 0.354~

2,200 2,100 0.454 0.582

2,200 2,100 0.687 0.723 42,000

2,000 2,000 0.723 0.723

1,000 1,000 0.713.0° 0.713

500 500 0.6€9 0.689

0 0 (0523 0.623

Table 4.31 — Test Results for ‘Dry.to Wet’ Pressed Steel Piles: Pile #14

Installation | Pile | Depth Initia! Final Initial Final Ultimate
Date # Fress_ure Press_ure Defl_ection Deflgction Capacity
A5 (psi) (psi) (in.) (in.) (Ibs)

Sept.2004 14 70 ( 200 200 0.04 0.04

500 500 0.115 0.115

1,000 1,000 0.15 0.15

1,500 1,500 0.25 0.25

1,800 1,800 0.337 0.337

2,000 2,000 0.4 0.4

2,100 2,050 0.71 0.792
2,100 2,050 0.82 0.931 41,000

2,000 2,000 0.931 0.931

1,000 1,000 0.921 9,921

500 500 0.903 0.903

0 0 0.834 0.834
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Table 4.32 — Test Results for ‘Dry to Wet’ Pressed Steel Piles: Pile #15

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date 4 Press_ure Press_ure Defl_ection Deflfection Capacity

(psi) (psi) (in.) (in.) (Ibs)
Sept.2004 15 75 200 200 0.023 0.023

500 500 0.03 0.3

1,000 1,000 0.06 0.06

1,500 1,500 0.104 0.104

1,800 1,800 0.167 0.167

2,000 2,000 0.191 0.191

2,100 2,100 0.23 0.23

2,200 2,200 0.26 0.26"

2,300 2,300 0.285 0.283

2,400 2,400 0.291 0.291

2,500 2,400 0.305 0.415

2,500 2,400 0.603 0.805 48,320

2,000 2,000 0,2C5 0.805

1,000 1,000 0.789 0.789

500 500 \J9.776 0.776

0 0 /NN 0712 0.712

Axial Compessive Load (Ib)

60,000 %
50,000 -

L
46,000
30,000

20,000 +

10,000 ¢k

0.4

0.6

Deflection (in)

0.8 1

—o— Pile #22r
—o— Pile #23r
—n— Pile #24r
—x—Pile #13
—x— Pile #14
—o—Pile #15

Figure 4.16 - Load vs. Deflection Plots for Pressed Steel Piles Installed in September
and Tested in April
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As evidenced by the pile layout arrangement, there was 26 ft difference in driving
depth between piles that were only 5 ft apart. While this spacing distance is far greater
than the prescribed requirement of 3 diameters (0.75 ft), an even more obvious
observation is the fact that driving sequence showed no correlation between a previously
driven pile and a pile 5 ft away. As an example, pile #13 was driven to a depth of 44 ft
while pile #14, 5 ft to the side, was installed afterward but was driven 70 ft. Therefore,
there was no perceptible occurrence of soil densification for a subsegueniy driven pile.
In view of the shallow depths reached by some of these piles, it would appear that
seasonal dryness and subsequent increased shear strengtiinef some subsurface layers
created tip resistance that prevented deeper penetration.¢A review of the Cone Penetration
tests showed that there was far greater driving resistance at the north end of the project
than the south end. Therefore, here again tip resistance appears to be the determining
factor is establishing driving depth. it 15 interesting to note, however, that all pressed steel
piles terminated in clay with, smdch lower N values than those mediums with sand
dispersion. Therefore, wit &teel piles skin friction is an important factor.

Testing of thewsix pressed steel pilings installed in April of 2005 was conducted
on August 16, 2005. The same test procedures described in the earlier section were
followed for testing these pressed steel piles. Tables 4.33, 4.34, 4.35, 4.36, 4.37, 4.38 and
Figure 4.17 present both load and deformation data, including the ultimate capacity of the

pressed steel piles in 1bs.
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Table 4.33 — Test Results for ‘Wet to Dry’ Pressed Steel Piles: Pile # 16

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Deflgction Capacity

(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 16 57 100 100 0.001 0.001

200 200 0.04 0.04

300 300 0.08 0.08

400 400 0.117 0.117

500 500 0.15 0.15

600 600 0.162 0.162

700 700 0.232 0.232

800 800 0.296 0.296/

900 900 0.333 0.333

1,000 1,000 0.386 0.586

1,100 1,000 0.42 0.42

1,100 1,000 0.44 70.44

1,100 1,000 047\ 047

1,100 1,000 Gioud 0.511

1,100 1,000 0:93 0.536

1,100 1,000 0.7 0.804 41,200

700 700\_, 0.8 0.8

400 4408 0.58 0.58

200 28 0.48 0.48

o N*o 0.465 0.465

Table 4.34 — Test Results foi. “Wet to Dry’ Pressed Steel Piles: Pile # 17

Installation P:e Depth’ Initial Final Initial Final Ultimate
Date ) Press_ure Press_ure Deflgction Deflt_action Capacity
(psi) (psi) (in) (in) (Ibs)

Apr. 2005 17 * \64 100 100 0.101 0.101

200 200 0.142 0.142

300 300 0.156 0.156

400 400 0.176 0.176

500 500 0.23 0.23

600 600 0.27 0.27

700 700 0.326 0.326

800 800 0.432 0.432

900 820 0.721 0.816

900 820 1.112 1.207
900 820 1.321 1.407 33,784

700 700 1.222 1.222

400 400 1.112 1.112

200 200 1.011 1.011

0 0 0.989 0.989
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Table 4.35 — Test Results for ‘Wet to Dry’ Pressed Steel Piles: Pile # 18

installation | 74® | Depth | Initial Final Initial Final Ultimate
Date (ft) Pressyre Presgure Deflgction Deflgction Capacity
(psi) (psi) (in) (in) (lbs)
Apr. 2005 | 18 51 100 100 0 0
200 100 0.101 0.101
300 300 0.131 0.132
400 400 0.172 0.172
500 500 0.18 0.181
600 600 0.27 0.27
700 700 0.318 0.328
800 800 0.391 0.391 A
900 900 0.468 0.472
1,000 900 0.539 0.544
1,000 900 0.565 0872
1,000 900 0.61 2.617 37,080
700 700 0.6 .~ 06
400 400 0.501» 0.501
200 200 041 0.41
0 0 | 1376 0.376

Table 4.36 — Test Results for ‘Wet ta.Dry’ Pressed Steel Piles: Pile # 19

Installation | 7,® | Depth | Initial %\ Final Initial Final Ultimate
Date (ft) Priesg,i'fr 2 Prc(e;,:il; re Def}cienc)tion Def}cienc)tion Ca(l%as(;ity
Apr. 2005 | 19 58 (4190 100 0 0

200 200 0.064 0.064

300 300 0.11 0.113

400 400 0.141 0.143

500 500 0.18 0.186

600 600 0.22 0.225

700 700 0.268 0.272

800 800 0.322 0.326

900 900 0.39 0.393

1,000 940 0.476 0.485

1,000 940 0.482 0.494

1,000 960 0.52 0.526

1,000 960 0.7 0.713

1,000 960 0.901 0.912 39,552

700 700 0.906 0.906

400 400 0.831 0.831

200 200 0.802 0.802
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Table 4.37 — Test Results for ‘Wet to Dry’ Pressed Steel Piles: Pile # 20

installation | 74® | Depth | Initial Final Initial Final | Ulimate
Date (ft) Pressyre Presgure Deflgction Deflgction Capacity

(psi) (psi) (in) (in) (los)
Apr. 2005 | 20 66 100 100 0 0

200 200 0.02 0.02

300 300 0.07 0.072

400 400 0.113 0.118

500 500 0.142 0.147

600 600 0.204 0.31

700 700 0.285 0.29

800 800 0.362 0.371(

900 900 0.44 0.451

1,000 910 0.7 273

1,000 910 0.9 0.923

1,000 910 1.141_—'— 1.157 37,492

700 700 12045 1.141

400 400 \e024 1.024

0 0 . pn=0.911 0.911

Table 4.38 — Test Results for ‘et to Dry’ Pressed Steel Piles: Pile # 21

Installation P#e Depth ljitia! Final Initial Final Ultimate
Date (ft) Plasgure Presgure Deflgction Deflgction Capacity
=02 (psi) (psi) (in) (in) (lbs)

Apr. 2005 | 21 37 100 100 0.002 0.002

200 200 0.004 0.004

300 300 0.101 0.101

400 400 0.148 0.148

500 500 0.171 0.176

600 600 0.218 0.228

700 700 0.246 0.254

800 700 0.3 0.303

800 780 0.321 0.333

900 840 0.392 0.392

1,000 920 0.55 0.57

1,000 970 0.611 0.621

1,000 970 0.7 0.726
1,000 970 0.77 0.792 39,964

700 700 0.786 0.786

400 400 0.776 0.776

100 100 0.716 0.716

0 0 0.698 0.698
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Figure 4.17 Load vs. Deflection Plots {or Pressed Steel Piles Installed in April and
Tested in August

4.2.6 Pressed.Coricrete Pilings

In the case of pressed concrete pilings, tests were conducted on all six piles as per
the same procedures. The pressed concrete piles were installed in September of 2004 and
were tested on April 20, 2005. The same test procedures described in the earlier sections

were followed for testing the pressed concrete piles.
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Figure 4.18 - Field Testing of the Pressed Concrete Piles

Table 4.39, 4.40, 4.41, 4.42, 4.43, 4#4 and Figure 4.19 present both load and

deformation data, including the ultimat¢ gapacity of the pressed concrete piles in Ibs.

Table 4.39 - ‘Dry-+c.YVet’ Testing of Pressed Concrete Piles: Pile # 1

Installation | Pile | DeE"" Initial Final Initial Final Ultimate
Date # : Press_ure Press_ure Defl_ection Deflgction Capacity
- (psi) (psi) (in.) (in.) (Ibs)

Sept.2004 1 | 7.67 200 200 0.006 0.006

500 500 0.02 0.02

750 750 0.05 0.054

1,000 1,000 0.086 0.086

1,200 1,200 0.1 0.106

1,400 1,400 0.135 0.135

1,500 1,400 0.175 0.18

1,500 1,400 0.185 0.2
1,500 1,400 0.321 0.356 29,000

1,000 1,000 0.356 0.356

500 500 0.337 0.337

0 0 0.309 0.309
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Table 4.40 — ‘Dry to Wet’ Testing of Pressed Concrete Piles: Pile # 2

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Defl_ection Capacity

(psi) (psi) (in.) (in.) (Ibs)
Sept.2004 2 10.17 200 200 0.006 0.006

500 500 0.006 0.006

1,000 1,000 0.006 0.006

1,500 1,500 0.008 0.008

1,750 1,750 0.018 0.018

1,800 1,800 0.022 0.022

2,000 1,850 0.04 0.1

2,000 1,850 0.202 Ciet 1 37,000

1,000 1,000 0202  |. 0.202

500 500 0.189 0.189

0 0 0.16Z 0.167

Table 4.41 — ‘Dry to Wet’ Testing of Pressed Concrete Piles: Pile # 3

Installation | Pile | Depth Initial Firal Initial Final Ultimate
Date # Press_ure Pness_ure Defl_ection Deflfection Capacity
(psi). ‘L) " (psi) (in.) (in.) (Ibs)
Sept.2004 3 27.42 2007, 200 0.005 0.005
500 500 0.005 0.005
{000 1,000 0.02 0.02
Dy1,425 1,425 0.04 0.04
! 2,000 2,000 0.04 0.04
2,250 2,250 0.04 0.04
2,500 2,500 0.04 0.04
2,700 2,700 0.04 0.04
3,000 3,000 0.045 0.045
3,100 3,100 0.048 0.048
3,200 3,200 0.05 0.05
3,300 3,300 0.053 0.053
3,400 3,400 0.066 0.07
3,500 3,400 0.115 0.15
3,500 3,400 0.231 0.254 68,566
3,000 3,000 0.254 0.254
2,000 2,000 0.233 0.233
1,000 1,000 0.211 0.211
0 0 0.167 0.167
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Table 4.42 — ‘Dry to Wet’ Testing of Pressed Concrete Piles: Pile # 7

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Defl_ection Capacity

(psi) (psi) (in.) (in.) (Ibs)
Sept.2004 7r 15.67 200 200 0.006 0.006

500 500 0.009 0.009

1,000 1,000 0.009 0.009

1,500 1,500 0.022 0.022

1,750 1,750 0.024 0.024

2,000 2,000 0.028 0.028

2,200 2,200 0.038 0.038

2,400 2,400 0.056 0.056~

2,500 2,500 0.093 0.G98

2,600 2,500 0.127 03

2,600 2,500 0.253 Ja 0.267 50,400

2,000 2,000 0.265 0.265

1,000 1,000 0.248 0.248

500 500 01234 0.234

0 0 0187 0.187

Table 4.43 — ‘Dry to Wet’ Testing( i Pressed Concrete Piles: Pile # 8

Installation | Pile | Depth Initial-_(]") " Final Initial Final Ultimate
Date 4 Press_u‘n'o. Pressure | Deflection | Deflection Capacity
(psii (psi) (in.) (in.) (Ibs)

Sept.2004 8r 10.67 200 200 0.004 0.004

| 500 500 0.004 0.004

D 1,000 1,000 0.024 0.024

1,200 1,200 0.031 0.031

1,400 1,400 0.04 0.043

1,500 1,500 0.047 0.047

1,700 1,700 0.06 0.06

1,800 1,800 0.06 0.06

1,900 1,900 0.068 0.068

2,000 1,950 0.15 0.25
2,000 1,950 0.333 0.41 39,000

1,000 1,000 0.407 0.407

500 500 0.387 0.387

0 0 0.334 0.334
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Table 4.43 — ‘Dry to Wet’ Testing of Pressed Concrete Piles: Pile # 9

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Defl_ection Defl_ection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Sept.2004 | 9r | 25.67 200 200 0.006 0.006
500 500 0.006 0.006
1,000 1,000 0.01 0.01
1,500 1,500 0.024 0.024
2,000 2,000 0.04 0.04
2,500 2,500 0.055 0.055
3,000 3,000 0.09 0.09
3,200 3,200 0.1 0.1 N
3,300 3,300 0.11 0.118%
3,400 3,400 0.121 -0.281
3,500 3,400 0.287 9.652
3,500 3,400 0.781,~1. " 0.899 68,000
3,000 3,000 0:29% 0.899
2,000 2,000 0675 0.875
1,000 1,000 N\ 0.834 0.834
0 0 L ]l 0.756 0.756
80,000
70,000 | N o o o
g K
s 60,000, ;&
3 50,200 : ¢
o ‘
g'” 457000 - —o— Pile #1
5 | —o—Pile #2
§ 30,000 ¢ —a—Pile #3
S 20,000 —x— Pile #7
b —x— Pile #8
10,000 ] —o—Pile #9
0 A 1 1 | !
0 0.2 0.4 0.6 0.8 1

Deflection (in)

Figure 4.19 - Load vs. Deflection Plots for Pressed Concrete Piles Installed in
September and Tested in April
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As evidenced by the pile layout arrangement, there was a considerable difference
in driving depth, which was as high as 20 ft though the piles were only separated by a
distance of 5 ft. While this spacing distance is larger than the prescribed requirement of 3
diameters (1.5 ft), an even more obvious observation is the fact that driving sequence
showed no correlation between a previously driven pile and a pile that is driven 5 ft from
the previously driven pile. For an example, pile #2, which is 5 ft from pile #3 was driven
to a depth of 10.17 ft while pile #3, 5 ft to the side, was installed afterward’but was driven
27.42 ft. In a completely reverse order, pile #9 was driven to a depth of 25.67 ft whereas
as near pile 8 was driven only to 10.67 ft. This indicatessthere was no perceptible
occurrence of soil densification from a previously diivén pile to a newly driven near the
previous pile. In view of the shallow depths. reached by some of these piles, it would
appear that seasonal dryness and subsequent iricreased shear strength of subsurface layers
might have created stiffer soil resistanosthat prevented deeper penetration. The following
Tables 4.45, 4.46, 4.47, 4.48, 4.46/4.50 and Figure 4.20 present test results conducted on

the ‘wet to dry’ pressed.canciete piles.
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Table 4.45 — ‘Wet to Dry’ Testing of Pressed Concrete Piles: Pile #4

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Defl_ection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 4 24.67 100 100 0.01 0.01
200 200 0.016 0.016
300 300 0.018 0.018
400 400 0.024 0.024
500 500 0.028 0.03
600 600 0.034 0.036
700 700 0.042 0.044
800 800 0.052 0.054,
900 900 0.061 QU544
1,000 1,000 0.069 |. 0.071
1,100 1,100 0.076 0.079
1,200 1,200 0087 | 0.09
1,300 1,300 0894 0.098
1,400 1,400 (2,109 0.12
1,500 1,400 _ 0.22 0.231
1,500 1,400 0.401 0.431
1,500 1,400 0.602 0.636 57,940
1,000 15200 0.597 0.597
500 500 0.577 0.577
0 0 0.506 0.506

Table4.46- ‘Wet to Dry’ Testing of Pressed Concrete Piles: Pile #5

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Pressure Pressure | Deflection | Deflection | Capacity
(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 5 22

Note* Broke Below the surface at driving depth of 22ft and could not be recovered
so pile was abandoned
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Table 4.47 — ‘Wet to Dry’ Testing of Pressed Concrete Piles: Pile #6

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Defl_ection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 6 19.67 100 100 0.012 0.012
200 200 0.028 0.028
300 300 0.04 0.042
400 400 0.052 0.055
500 500 0.056 0.058
600 600 0.06 0.062
700 700 0.064 0.06&
800 800 0.068 QU772
900 900 0.075 . 0.078
1,000 1,000 0.082 .| 0.083
1,100 1,100 0.084 0.086
1,200 1,200 0,068 0.092
1,300 1,300 a95 0.099
1,400 1,400 [ 0.102 0.108
1,500 1,500 0.11 0.115
1,600 1,400 | 0.122 0.122
1,600 1,500 0.222 0.242
1,600 1,500 0.254 0.257
1,600 1,500 0.454 0.454 61,800
1,008, 1,000 0.45 0.45
| 500 500 0.426 0.426
0 0 0.356 0.356
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Table 4.48 — ‘Wet to Dry’ Testing of Pressed Concrete Piles: Pile #10

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Defl_ection Capacity
(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 10 | 24.67 100 100 0.02 0.02
200 200 0.038 0.04
300 300 0.04 0.041
400 400 0.062 0.065
500 500 0.066 0.08%
600 600 0.075 (077
700 700 0.085 ) 0.088
800 800 0.098 _{ 0.102
900 900 0.12 0.114
1,000 1,000 a/12” 0.127
1,100 1,100 OM34 0.138
1,200 1,200 ~0.147 0.154
1,300 1,300, & 0.158 0.162
1,400 1,400 0.17 0.177
1,500 14500 0.19 0.193
1,600 \, 1,600 0.205 0.222
1,700, 1,600 0.241 0.285
1,760 1,600 0.305 0.408
.. 1,7 [0%)] 1,600 0.47 0.718 65,920
(N ) 1,200 1,200 0.708
f 800 800 0.686 0.686
400 400 0.636 0.636
\ 0 0 0.567 0.567

Table 4.49 — ‘Wet to Dry’ Testing of Pressed Concrete Piles: Pile #11

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date 4 Pressure | Pressure | Deflection | Deflection | Capacity
(psi) (psi) (in.) (in.) (Ibs)
Apr. 2005 11 26

Note* Broke Below the surface at driving depth of 26ft and could not be recovered
so pile was abandoned
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Table 4.50 — ‘Wet to Dry’ Testing of Pressed Concrete Piles: Pile #12

Installation | Pile | Depth Initial Final Initial Final Ultimate
Date # Press_ure Press_ure Deflgction Defl_ection Capacity

(psi) (psi) (in.) (in.) (Ibs)

Apr. 2005 12 28.67 100 100 0.015 0.018

200 200 0.052 0.055

300 300 0.075 0.075

400 400 0.088 0.09

500 500 0.112 0.114

600 600 0.12 0.128 .

700 700 0.128 0.132,

800 800 0.134 0.9%3%6

900 900 0.154 “Nn0,155

1,000 1,000 0.155 | 0.163

1,200 1,200 0.476~~[ 0.196

1,300 1,300 RER 0.205

1,400 1,400 0.207 0.21

1,500 0 N=1.145 1.145 61,800*

Note** Piling broke at the top. Therefore, nozebound readings could be taken.

70,000
r D —A
I + 0
5 60,000 ;ﬁi
= A"
B 50,000
S L* d
2 46:000¢
D
753
Q
£1.30,000 -|
(] —o—Pile #4
§ 20,000 - —o— Pile #6
% —a—Pile #10
< 10,000 —s—Pile #12
0 A 1 1 |
0 0.5 1 1.5

Deflection (in)

Figure 4.20 Load vs. Deflection Plots for Pressed Concrete Piles Installed in April
and Tested in August
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It should be noted here that at the time of installation, all pressed pilings had a
50,000 Ib axial capacity. The letter “r” after the type of piling signifies the piling was
restricted from upheaval from time of installation to time of testing. No determination
was made as to the reason for destruction of pilings during the driving process. In each
case, however, the piling was probably broken below the surface such that alignment
problems or poor concrete capacity could not be attributed as a cause or causes of the
foundation failure. Shallow excavation to an approximate depth of 3xte.below the surface
did not reveal any rupture point, but the piling shaft was startin&to drift away from the
vertical axis. Therefore, the point of problem was likely tg-be'below the 3 ft level.

In the next chapter, available empirical and\semi-empirical models were used to
estimate the pile or pier capacities and these results are compared with measured axial
loads of this chapter.

4.3 Summary

Axial capacity testifig 9T each underpinning element showed both strengths and
weaknesses and their-r€sponses to seasonal moisture changes. There was negligible
difference in meatuied ultimate capacity of straight drilled shafts and augercast piles of
the same lengths. The belled shaft showed the highest axial capacity followed by the
drilled straight shaft and augercast pile. Deflection at the point of an ultimate capacity
was slightly higher for the augercast pile than for the straight drilled shaft. In a
comparison of all foundation systems, the deflection of the underpinning at the point of
ultimate capacity was highest for the pressed steel pilings followed by the helical

anchors.
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There was a minor or very little difference in ultimate axial compression
capacities of the single and double helix systems. Pressed pilings showed consistent
ultimate capacity when they were installed in the wet period and they penetrated to
deeper depths with the same installation pressure that was used in the dry period. These
results for pressed concrete pilings are only valid for a system where a grouted steel rod

was installed in the pile for lateral rigidity.
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CHAPTER 5

AXIAL CAPACITY PREDICTIONS

5.1  Introduction

In this chapter, an attempt is made to analyze various empirical and semi-
empirical models to predict the axial load capacities of the present tiderpinnings. These
predicted capacities are compared with measured ultimate axidl'loads to evaluate the
prediction capabilities of these existing models. Soil prsperties from laboratory and in
situ tests are used in the load prediction models. Effects of seasonal installation on both
predicted and measured loads of underpinnings.are addressed.
5.2  Interpretations of Ultimate Axial i.oads
5.2.1 Drilled Straight Shafts

Cone penetration testg provided a cross section for establishment of soil properties
for this site.  Fouf.-spil borings supplied supplementary information that was
complimentary .tc. ©PT data and allowed accurate computations of wet season soil
properties. These results were used to predict axial capacity of foundations. Formulas
2.3, 2.4 and 2.5, which were presented in chapter 2, are summarized as follows:

Ry = Rsn + Rpn

Ren =9 X sy XAy

Rsn =meaXiX7IXDXL
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It should be mentioned here that terms such as ‘Dry to Wet’ condition refers to
underpinnings installed in dry season and tested in wet season. ‘Wet to Dry’ condition
refers to underpinnings installed in “Wet’ season and tested in ‘Dry’ season. Projections
for the drilled straight shafts based upon the applicable soils and their undrained shear
strength information are presented in the following tables:

Table 5.1 — Straight Shafts, ‘Dry to Wet’ Condition
Section Depth Circumference
(in) Su (psi) (in) a coeff. Rsn, Ibs
60 (0-59 10 37.7 0.55 12441
60 (5-10’) 28 37.7 0.55 34834.8
36 (10-139) 42 37.7 0.55 31351.32
4 (1315 ) 17 37.7 0.55 I~ 8459.88
87087
Base \J
Resistance,
|bS, Rgn WAL N*C Ran
17 113.09/7 \ Y| 9 17302.77
Predicted
Total Capacity,
Ibs, Ry . 104389.77
Table 5.2 — Straighv.Shafts, ‘Wet to Dry’ Condition
) Side
Section Depth t” Circumference Resistance,
(in) Su (psi) (in) a coeff. Ibs Rgy
48 (049 R Pa 37.7 0.55 0
12 (459 ~29 37.7 0.55 7215.78
60 (5-10 ) \ 28 37.7 0.55 34834.8
6 (10-139) 4~ 42 37.7 0.55 31351.32
4 (13-15 17 37.7 0.55 8459.88
81861.78
Base
Resistance,
Ibs, Ren N*¢ Ren
17 113.09 9 17302.77
Predicted
Total Capacity,
Ibs, Ry 99164.55
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The observations made at the time of testing and measurement along the shafts
revealed that the soil had shrunk away from the shaft to a point of 4 ft below the ground.
Therefore, the top 48 in. or 4 ft was only eliminated from the calculations. This is
consistent with the approach used to estimate axial loads for drilled shaft, which do not
account for the upper 5 ft of side friction. Remedial and construction piers are typically
residential foundations and are placed under an approximate 18 in. of soil. Piers in such
conditions may not experience soil shrinking away from the perimeter ta'such depths.

In clay soil, the O’Neill and Reese method for drilled shaifs discounts the top 5 ft
of the shaft because of possible lack of contacts between pics and soil, immobilization of
side friction to full magnitudes, and probable active ‘depths and considered this upper
layer as a non-contributing zone. Soil surrounding these shafts shrank away from the
shaft. This shrinkage was visually observed since the piers were extended slightly above
the ground surface and due to a seveétevdrought during the time of summer testing. A thin
steel wire (1/16 in. diameter) was pushed adjacent to the pier to a depth between 3 ft. and
4 ft. below the surface (Figires 5.1, 5.2 and 5.3). Therefore, the upper 4 ft. of the soil was

eliminated from skin friction consideration.
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Figure 5.3- Length of Steel Rod Length Used to Push Next to Shaft

It should be noted heie_that the soil samples collected from the dry period showed
higher undrained shear_sirengths than the same depth samples collected from the wet
spring periods/ Iricreased shear strength was, however, accounted for in the segment
below 4 ft. Predictions by the drilled shaft models showed a close match with measured
load results (Tables 5.3 and 5.4) and small differences between both values are attributed
to the use of non-contributing zones for practical reasons. Also, test results from different
seasonal installation indicated slightly different values with ‘wet to dry’ condition, which
can be regarded as low ultimate loads.

The question for future calculations is how to address the non-contributing upper
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zone due to skin friction reduction in expansive clay soils such as the ones encountered
in this research. If soil sampling and laboratory testing were performed during the wet
season, then it would appear that the 5 ft non-contributing zone reduction would result in
lower axial compression capacities. If, however, soil testing was performed during the
dry season when the zone of seasonal moisture change creates an increase in shear
strength, then the 5 ft reduction would be warranted.

Another factor to consider is that in a normal setting the pier.is not exposed
beyond the surface. In such cases, soil drying may move away soil from piers to a
maximum depth of 2 ft. Such depths should be properly established from future research
studies. Otherwise, reduction of skin friction of the uppel 5 ft can be construed as overly
conservative approach when estimating ultimate capacities of drilled shafts.

Table 5.3 —-Comparison of Predicted-{5. Tested Capacity of Straight Drilled Shafts,
‘DricieWet’ Condition

N -
Pier # Depth/#) Predicted Capacity, Ibs Measurelclios(’.':apacny,
42 NN 104,390 126,410
43 75 104,390 104,160
44 15 104,390 100,990

Table 5.4 —-Comparison of Predicted to Tested Capacity of Straight Drilled Shafts,

‘Wet to Dry’ Condition

Pier # Depth(ft) | Predicted Capacity, Ibs Meas”’eﬁogapac"y’
39 15 99,165 106,600
40 15 99,165 123,000
41 15 99,165 102,500
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5.2.2 Drilled and Belled Shafts
Based upon the soil properties, axial capacity of drilled belled piers can be
calculated as follows:
Rtn =Rpn +Rsn (5.1)
Rgn =9xs,Xx Ay (5.2)
Rsn =) fmaxixtx D x L with the side of the bell not considered (5.3)
Predictions of ultimate loads for the drilled straight shafts based-gn/the present

soil information are presented in the following tables 5.5 and 5.6 far different seasonal

soil conditions:

Table 5.5 — Belled Shafts,“Dry to Wet’ Condition

RN Side
Section Depth |[/yCircumference Resistance,
(in) Su (psi)\” | 4 (in) a coeff. Ibs Rsy
60 (0-5) 10 37.7 0.55 12441
60 (5-109) 18 37.7 0.55 22393.8
30 (10-12.59) a2 37.7 0.55 26126.10
30 (12.5-159) N\ 0 37.7 0.55 0
60960.90
Base
Resistance,
|bS, RBN N*C RBN
17 706.86 9 108149.58
Predicted
Total Capacity,
Ibs, Ry 169110.48
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Table 5.6 — Belled shafts, ‘Wet to Dry’ Condition

Side
Section Depth Circumference Resistance,
(in) Su (psi) (in) a coeff. Ibs Rgn
48 (0-4 9 0 37.7 0.55 0
12 (4-59 29 37.7 0.55 7215.78
60 (5-109) 28 37.7 0.55 34834.8
30 (10-12.59 42 37.7 0.55 26126.1
30 (12.5-15) 0 37.7 0.55 0
68176.68
Base
Resistance,
|bS, RBN N*c | RBN
17 706.86 9 N 108149.58
Predicted
Total Capacity,
Ibs, Ry ) 176326.26

Note* observations made at time of testing and meastixeient along beside shafts revealed
that the soil had shrunk away from the shaft toapuint 4’ below the ground. Therefore,
the top 48” was eliminated from the calculations.

Both predicted and measured logadsare presented in Tables 5.7 and 5.8 for
different seasonal periods. For dr#l¢c and belled shafts the normal design allowance is to
eliminate friction from the fop.J ft. of shaft and the bottom zone of one diameter of shaft
and the periphery of. thé.bell. Test results indicate that a better match was made for
ultimate axial ¢ompiessive capacity of piers tested in wet seasons when the shaft friction
at the periphery of the bell was only excluded. This implies that there is shaft contact
with upper layers during the wet seasonal periods. When testing in the dry season, there

is the added deduction of the upper 4 to 5 ft, which resulted in a good match between

predicted and measured axial loads.
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Table 5.7 —Comparison of Predicted to Tested Capacity of Belled Drilled Shafts,
‘Dry to Wet’ Condition

Pier # Depth(ft) | Predicted Capacity, Ibs Cg":aacs;;‘;fﬁ'os
36 15 169,110 180,790
37 15 169,110 172,540
38 15 169,110 168,380

Table 5.8 —Comparison of Predicted to Tested Capacity of Belled Drilled Shafts,
‘Wet to Dry’ Condition

Pier # Depth(ft) Predicted Capacity, Ibs ggn:;;s#;:eﬁos
33 15 176,326 4 165,500
34 15 176,326 165,500
35 15 176,326 157,060

5.2.3 Augercast Piles

Steps described in the German stanaard for axial capacity of augercast piles are
the same as those of the drilled shaf* (& Neill 1994). This means that the axial capacity
predictions of the augercast pilesiwill be similar to straight drilled shafts of section 5.2.
This method is accepted hy siveral practitioners, especially in clay soils (O’Neill 1994).

Table 5.9 — Cetaparison of Predicted to Tested Capacity of Augercast Piles,
‘Dry to Wet’ Condition

Measured Capacity,

Pier # Depth(ft) Predicted Capacity, Ibs Ibs
47 15 104,390 121,120
49 15 104,390 105,220
50 15 104,390 100,990
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Table 5.10 —Comparison of Predicted to Tested Capacity of Augercast Piles,
‘Wet to Dry’ Condition

Pier # Depth(ft) | Predicted Capacity, lbs | "°asured Capactty,
45 15 99,165 110,030
46 15 99,165 106,760
48 15 99,165 106,760

5.2.4 Helical Anchors

Helical anchor manufacturer’s specifications and other testing provide several
formulas for estimation of axial capacity of helical anchors/pier_(Seeder 2004; Carville
1994; Hoyt and Clemence 1989). One of the used approachesas presented in chapter 2
(equation 2.6) uses the following equations:

Q=KxT (5.4)
where:

K is the average installation,tarque, which is between 3 and 10 for pipe shafts.
Determining the value of K is $ubjicctive and this is the primary obstacle in producing an
accurate estimate of axial Capacity of helical anchors. Conservative recommendations
suggest using a K fagtor of 10 #/ft-# for 3.5 in. diameter or less cylindrical pipe shafts. T
is the average inscallation pressure over the last three feet (4,800 ft-1bs.), which would
predict the following axial capacity:

Q = (10 Ib/ft-1b) (4,800 ft-1b) = 48,000 Ibs

The AB Chance design manual provides a chart for estimation of ultimate
capacity and details of this chart is presented in Chapter 2, (Figure 2.1). For a blow count
of 18 (soil boring SPT measurement for the depth where the helix was terminated), the

axial capacity would be 18,000 Ibs. There is another recommendation that when soils
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information is not available then the ultimate capacity should be estimated at 10 times the
torque pressure, which would be the 48,000 lbs as presented above.

Based on the above calculations as specified by industry, there is a wide variation
in the prediction estimations for axial pile capacities. Therefore, use of more accepted
formula is preferred. Equation 2.13 from chapter 2 is presented as follows:

Individual Bearing Method

Quie =Y (Anx X Ne X Sy) + Aghai X 0 X Sy

This method was followed in the present research calculatinns, which are
presented in the following.

Helical Piles Installed in August, 2004 and Tested iu April, 2005.

For the double helix installed to a depth’ of 30 ft (H-2, #31) the following
projection of axial capacity would apply “based upon soil borings and subsequent
laboratory testing.

Que = {[(10in.)(10 in.)(m)/41:L7.06 in® 1} x [( 9)(29 #/in” | + {[(12 in.)(12 in.)(m)/4]-

[7.06 in® ] x (9)(22#4n* ) + [(27f)(12 in./ft)(3 in.)(m)](0.30)(29 #/in® )

=71.49 in® (9)(29%{in") + 106.03 in*(9)(29 #/in> ) + (27ft)(113.09 in” /ft)(0.30)(29#/in” )
= 18,656.28-+ 27,675.81 + 26,564.84
=72,896.93 lbs

Since this value is much large than the actual test results, it is important to explain
reasons for this difference.

It should be noted that observations are made during installation, which revealed
that the penetration to rotation was not efficient (Tables 3.11 and 3.12). Therefore, it is

important to note that the concept of soil destructuring be used to allow for a reduction in
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axial capacity prediction formulae. With lack of sufficient penetration efficiency, the
upper helix was not completely seated on the clay medium but seated on a combination
of initial slicing and cross slicing with the second helix, thus receiving response from a
large disturbed soil/shaft contact area.

There is also an obvious lack of soil contact area with the lower helix if the
installation action becomes a process of auguring and not pulling into the soil. In addition
to the reductions in the capacity of the second helix, shaft friction wowrld.2lso be reduced
by a similar factor. There is also some initial movement in claysywith even small loads,
which suggest that this destructuring factor would reduce-voth shaft and vertical helix
compression sufficiently to create downward movenient 1t is also important to note that
soil moisture was increased from the time of installation to the time of testing for the
initial four piles and this resulted in the reduction of shear strength.

This reduction factor is subjective but can be quantified with additional testing
and observations of installatidtinefticiency. Future research in this field should address
this aspect. An assumpti¢q ¢s made by the author by assuming an 80% disturbance effect
in the present ultimate capacity predictions. This observation of using deduction for soil
disturbance behind the helix is based upon field disturbances noted during the operations
of this underpinning foundation system. Hence, the following revised ultimate capacity

formulation was used in this case:

Quit = 18,656.28 + (27,675.8)(0.20) + (26,564.8)(0.20)
=18,656.28 + 5,535.16 + 5,312.97

=29,504.41 lbs

206



The predicted loads are in agreement with actual load test results. This agreement
implies that a more realistic empirical formula was developed, which can be used to
better predict axial load capacities in expansive clay soils.

28.5 ft deep double helix (H-2, #32) with maximum shear of 29 #/in’
Quit = 18,656.28 + 27,676.82(0.20) + 25,089.02(0.20)

=18,656.28 + 5,535.16 + 5,017.80

=29,209.24 lbs
34 ft deep single Helix (H-1, #27) with maximum shear of 27 #/in?
Quit = 25,765.29 + 28,396.90 (0.20)

=31,444.67 lbs

45 ft deep single Helix (H-1, #28) with maximuns.shear of 22 #/in”
Quit = 20,995.45 + 31,348.55 (0.20)

=27,265.16 lbs

Table 5.11 — ‘Dry to Wet’,Pesting of Helical Anchors/Predicted vs. Actual

Pile # Ty pG r Depth (ft) Predicted Measured
(dwi/single) Capacity(lbs) Capacity(lbs)
27 single 34' 31,645 29,550
28 " single 45' 27,265 23,640
31 double 30 29,504 27,580
32 double 28.5' 29,209 27,580

An obvious observation from the present comparisons is that the double helix
configuration appears to provide a more consistent axial capacity with the driving depth.
As with depositional stratum in an alluvial plain, there is some inconsistency associated
with soil strength parameters at this site. This would appear to explain certain

inconsistency in shear strength of soil, which would be the primary reason for such a
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wide difference in the single helix axial capacities. Also the use of disturbance factor to
account for soil disturbance resulted in an accurate prediction of axial capacity.
Helical Piles Installed in April, 2005 and Tested in August, 2005.

Ultimate loads are predicted using the ‘Individual Bearing Plate Method’ and the
disturbance factor for the trailing helix and shaft. These comparisons are made between
ultimate loads and predicted loads and these results are presented in Table 5.12.

Table 5.12 — ‘Wet to Dry’ Testing of Helical Anchors/Predictéd. vs. Actual

Pile # Type Depth (ft) Predicted (7).* Measured
(double/single) Capacity (Ik3) Capacity (Ibs)
25 single 34 31,645 24,720
26 single 26 23,162 25,544
29 double 27 \2ap14 26,780
30 double 32 ™\ 29,898 28,016

It is obvious that the disturbance fagtorvapproach leads to an accurate prediction
of capacity. With single helix pileg™fhe primary problem in the analysis is the
approximate determination of sheailstrength of the soil at strains corresponding to those
around the helical anchors.

5.2.5 Pressed Steel Piles

Based @n.seiis properties, ultimate load capacity predictions for pressed steel piles
would be calculated as follows using equation 2.17 from chapter 2:

Qu=Rs+R; (5.5

=fy X Ag+ gt X At
=Y fi X Ag+ q X At
Based on the a method, the sleeve friction can be calculated using equation 2.20 from

chapter 2:
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fs=c,=axcy o from Figure 2.6
Ca from Figure 2.5

Table 5.13 - Soil Properties for Pressed Steel Piles -‘Wet Condition’

Cross Section of Boring Logs using alpha from Fig. 9.18

Soil

Layer Shear Shear Adhesion | Adhesion | Adhesion | Adhesion
Depth Su (psi) | Su (kPa) A Ca(psi) | Ca(kPa) | Ca(psi) | Ca (kPa)
0'-5' 10 69 0.95 9.5 65.55 8.99 62
5'-10' 18 124 0.95 171 111.6 10.44 72
10'-13' 42 290 0.3 12.6 87 Fes 50
13'-15' 17 117 0.75 12.75 87.75 10.59 73
20'-30' 32 221 0.3 9.6 66.3 (" 7.25 50
30'-40' 40 276 0.3 12 82.8°, 7.25 50
40'-50' 19 131 0.6 11.4 78.5 10.15 70
50'-60' 22 152 0.4 8.8 ~ 1\60.8 9.28 60

Table 5.14 - Soil Properties for Pressed Sieel Piles -‘Dry Condition’
Cross Section of Boring Llogs Using alpha from Fig. 9.18

Soil

Layer Shear Shear | Adhesion | Adhesion | Adhesion | Adhesion
Depth Su (psi) | Su (kPa) ~A Ca (psi) Ca (kPa) Ca (psi) Ca (kPa)

0'-5' 29 200 | Q95 10.29 71.03 7.54 52
5'-10' 28 193 _N\T 0.3 14.9 102.83 7.25 50
10'-13' 42 298, 0.45 9.76 67.29 7.25 50
13'-15' 17 ~ N7 0.45 9.49 65.44 10.59 73
20'-30' 32 221 0.3 9.61 66.29 7.25 50
30'-40' 40 ~N~ 276 0.3 14.25 98.32 7.25 50
40'-50' 10+ 131 0.3 8.92 61.55 10.15 70
50'-60' 22 152 0.99 10.73 74.02 9.28 64

Adhesion (C,) from Figure 9.18 of the FHWA manual was used for a more
conservative approach but the variance between a X C, was negligible as shown above.
From this adhesion factor, axial capacity of pressed piles was estimated. Total Stress
Method (o method) was adopted in this analysis. Details of this method can be found in

the literature (FHWA 1996).

209




Table 5.15 - Prediction of 70 ft. Pressed Pile Capacity Based Upon Soil Properties

Side

Resistance, Ibs, Rsy Steel Piles Dry to Wet
Pile # Depth (in) Ca (psi) fs- section As (sq in) >fsAs
14 60 -5’) 8.99 539.4 9.03 4870.782
(5 10) 10.44 626.4 9.03 5656.392
0 (10-15’) 8.4 504 9.03 4551.12
0 (15-20) 8.4 504 9.03 4551.12
120(20 30’) 7.25 870 9.03 7856.1
120(30-40’) 7.25 870 9.03 7856.1
120(40-50') 10.15 1218 9.03 10998.54
120(50-60’) 9.28 1113.6 9.03 (. 10055.81
120(60-70’) 9.28 1113.6 803 10055.81
70 ft 66451.77
Base Resistance, Ibs, Rgy ~O
Pile # Cu at tip As (sq in) Nc | Rt
14 21.75 6.49 9 _T 1270.4175
Predicted
Total
Capacity, Ibs, 67722.19
RTN

Based on this theoretical medelthe ultimate load estimated is 63 kips. For this

same pile, the measured ultimaieoad was 41 kips showing significant differences

between predicted andmeasdred results. The following tables list both predicted and

measured installed-capacities. Measured or actual capacities are based on the load tests

performed in theTield at different time periods with different in situ soil conditions. It

should be noted here that the installation was stopped when the load to push the piling

material reached 50 kips. Hence, this load at the time of installation was taken as the

ultimate load of this pile foundation.
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Table 5.16 — Empirical Predictions of Axial Capacity of Pressed Steel Piles Using
Soil Properties for ‘Dry to Wet’ Condition.

Pile # Depth(ft) Predicte((lib)Capacity an::;t:;e(flb) Installatiag)Capacity
13 44 35,302 42,000 50,640
14 70 67,722 41,000 50,640
15 75 69,608 48,320 50,640
22 35 33,954 48,320 50,640
23 25 25,435 33,000 50,640
24 26 26,220 52,480 50,640

Table 5.17 — Empirical Predictions of Axial Capacity of Pressed Steel Piles Using
Soil Properties for ‘Wet to Dry’ Condjiticus.

Pile # Depth(ft) Predlcte((lib)Capaclty an::csil;)"e(fb) Installatlag)Capacny
16 57 48,993 413200 50,640
17 64 56,032 33,784 50,640
18 51 42,960 ' 37,080 50,640
19 58 49,999 N> 39,552 50,640
20 66 58,043 __ 37,492 50,640
21 57 48,99 39,964 50,640

Calculations were~iso completed for each piling using adhesion values
determined by the product of a X S, but the results showed very little improvement.

It is dleay from the above results presented in the table that driven pile
interpretation methods developed for the expansive clays for the pressed piles tend to
predict capacities that are not in agreement with measured load capacities or installed
load capacities. This requires further revision of the interpreted capacities using different
approaches, including the use of CPT profiles from the same area.

A comparison of the CPT for the two probes shows a sudden spike in tip

resistance between 6 ft and 10 ft and also in the vicinity of 30 ft. This spike would
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confirm that the tip resistance may have been the overriding factor in determining not
only axial capacity, but also the depth of penetration for pressed piles. As noted above,
the installation capacity was 50 kips. When going from a dry season to a wet season,
however, there was a loss in capacity for all but one of the pilings, which is a significant
consideration for these pilings. The loss in capacity at one piling was inconsistent with
the factors of safety on the other four pilings, which yielded consistent but low capacities.
Since the present pressed pilings went beyond the zone of seasonal méisture change or
active depth of this site, there appears to be less influence of /an.increase in moisture
content on the measured capacities of pressed piles.

Another important observation is that the dépdijof penetration for pressed steel
piles is more uniform when installed in wet season conditions than in dry seasons. The
average length of piles installed in wef conditions is higher than the same in dry
conditions. Though this pile length &ifférence is expected, it raises an important question
with respect to the approach ‘used’to install these piles in dry seasons. What would be
consistent pile lengths peeded to carry the intended loads in other seasonal environments?

It has been_suggested by several researchers and European code practices that a
direct approach—susing cone penetration test results should be used for estimating
capacities of driven piles (Briaud 1988). A similar approach was followed using CPT
soundings from this site and this approach provided reasonably good predictions.

Tables 5.18 and 5.19 present CPT results and a typical calculation to predict the

pile capacities.

212



Table 5.18 — Cone Penetration Tests Results for Direct Tip Resistance and Side

Friction
CPT-1 CPT-2
Depth (ft) qt (psi) fs (psi) qt (psi) fs (psi)
0'-5' 416 6 347 6
5'-10' 486 22 500 23
10'-30' 347 9 347 7
30'-41' 356 8 305 6
41'-49' 305 5
49'-54' 694 3

Table 5.19 - Prediction of 70 ft Pressed Steel Pile Capacity Based Upon CPT,

‘Dry to Wet Condition”
Side Resistance, Ibs, Rgy Steel Piles O N
Pile # Depth (in) fs (psi) fs'?ggt:c ( As(sqin) | >fsAsD
14 60 (0-5) 6 RGN 9.03 3250.8
60 (5-10") 22 1320 9.03 11919.6
60(10-15) 8 “_ 480 9.03 4334.4
60(15-20") 8 480 9.03 4334.4
120(20-30") 7 840 9.03 7585.2
120(30-40") 5" 600 9.03 5418
120(40-50") ) 600 9.03 5418
120(50-60") 5 600 9.03 5418
120(60-70°) * 1™\ 3 360 9.03 3250.8
70 ft (] 50929.2
Base Resistance, Ibs, Rs4
Pile # qtantip As (sqin) Rt
14 \, 300 6.49 1947
Predicted Total
Capacity, Ibs; 52876.2
Rn

Tables 5.20 and 5.21 present these results for steel piles. Results interpreted from

CPT values are similar to those using borehole based soil property data.
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Table 5.20 — Empirical Predictions of Axial Capacity of Pressed Steel Piles Using
CPT for ‘Dry to Wet’ Condition.

Predicted Predicted Actual Installation
Pile # Depth(ft) Capacity Capacity Capacity | Capacity
Using CPT Data gf;’;grig: be Ibs
13 44 40,989 35,302 42,000 50,640
14 70 52,876 67,722 41,000 50,640
15 75 54,501 69,608 48,320 50,640
22 35 34,133 33,954 48,320 50,640
23 25 29,884 25,435 33,000 50,640
24 26 30,642 26,220 52,480 50,640

Table 5.21 — Empirical Predictions of Axial Capacity of Pre¢sed Steel Piles Using
CPT for ‘Wet to Dry’ Conditien

Predicted Predictea Actual | Installation
Pile # Depth(ft) Capacity in Ibs Capacitvin Ibs Capacity | Capacity
Using CPT Data Ers;:gr‘:g: be Ibs
16 57 38,789 48,993 41,200 50,640
17 64 41,128 { 56,032 33,784 50,640
18 51 36,189 ° 42,960 37,080 50,640
19 58 39,223, 49,999 39,552 50,640
20 66 41,642 58,043 37,492 50,640
21 57 38,789 48,993 39,964 50,640

Overall, axial capacity predictions vary considerably even with the CPT method
and they are difierent from the measured axial load capacities. This difference indicates
that the present methods similar to those used for driven piles tend to predict higher
capacities than the measured loads and hence such use of the driven pile estimation
method for pressed piles should be thoroughly examined. This discrepancy is attributed
to the differences in installation procedures between driven piles and pressed piles. One is
similar to dynamic driving mechanism and the other is more close to quasi-static

penetration mechanism. One would expect the CPT, which is similar to the pressed piles,
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will probably yield better results if calibrated using different material constants than those

developed for driven piles.

5.2.6 Pressed Concrete Piles
Using the same format and empirical formulas as delineated in the above section,
the prediction of axial capacity of pressed concrete piles can be estimated as follows:
Based upon soil properties, capacity predictions would be calculated as follows:
Qu=Rs+R;
=fy X Ag+ qe X A¢
=) X Ag+ qi X At
Using the a method as recommended by driven pilé\literature (FHWA 1996):
fs=c,=aXxcy o from Figure(2.5
c, fronmiligure 2.6
The material coefficients/tised between soil and pressed pile material, which is
concrete in this case, will beditferent than for steel piles but the application and method
of estimation will bé\théSame.
Tables $7Z2 and 5.23 present cohesion and adhesion from subsoil layers in
different units, psi and kPa. Table 5.24 presents a typical prediction of axial load for the

pressed concrete pile.
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Table 5.22 Soil Properties for Pressed Concrete Piles ‘Wet Condition’

Cross Section of Boring Logs using al

pha using Fig. 9.18

Soil
Layer Shear Shear Adhesion | Adhesion | Adhesion | Adhesion
Depth Su (psi) | Su (kPa) A Ca (psi) Ca (kPa) Ca (psi) Ca (kPa)

0'-5' 10 69 0.95 9.5 65.55 10.15 70
5'-10' 18 124 0.3 17.1 111.6 12.04 83
10'-13' 42 290 0.45 12.6 87 8.4 60
13'-15' 17 117 0.45 12.75 87.75 12.47 86
20'-30' 32 221 0.3 0.6 66.3 2.4 60
30'-40' 40 276 0.3 12 82.8 S 60
40'-50' 19 131 0.3 11.4 78.6 11.6 80
50'-60' 22 152 0.99 8.8 60.8 () 9.86 68

Table 5.23 Soil Propeities for Pressed Concrete Piles ‘Dry Condition’
Crcjss Section of Boring Logs using alpha from Fig. 9.18

Soil

Layer Slieat Shear Adhesion | Adhesion | Adhesion | Adhesion
Depth Su (psi) | Su (kPa) A Ca (psi) Ca (kPa) Ca (psi) Ca (kPa)

0'-5' 29 200 0.95 10.29 71.03 8.4 60
5'-10' 28 193 0.3 14.9 102.83 8.4 60
10'-13' 42 290 0.45 9.76 67.29 8.4 60
13'-15' 17 117 0.45 9.49 65.44 12.47 86
20'-30' 32 221 0.3 9.61 66.29 8.4 60
30'-40' 40 276 0.3 14.25 98.32 8.4 60
40'-50' 19 131 0.3 8.92 61.55 11.6 80
50'-60' 22 152 0.99 10.73 74.02 9.86 68

216




Table 5.24 - Prediction of Pressed Concrete Pile Capacity Based Upon Soil
Properties for ‘Dry to Wet’ Condition

Side Resistance, Ibs, Rsy

fs-

Pile # Depth (in) Ca (psi) section As (sqin) >fsAs
9 60 (0-5") 10.15 609 18.85 11479.65
0 (5-10) 12.04 722.4 18.85 13617.24
60 (10-15") 8.4 504 18.85 9500.4
60 (15-20") 12.47 748.2 18.85 14103.57
68(20-25.7) 8.7 591.6 18.85 11151.66
25.67 ft 59852.52
Base Resistance, Ibs, Rgy
Pile # Su at tip As (sqin) Nc ~Rt,
9 32 28.27 9 8141.76
Predicted \
Total Capacity, 67994.28
|bS, RTN

Tables 5.25 and 5.26 present capacitics from different seasonal conditions. The

predicted capacity of concrete pressed pile #9 is close to 60 kips where as the actual pile

load test resulted in an axial capacity of 68 kips. The majority of the pressed piles have

yielded higher ultimate l64ds than those interpreted. Additionally, from dry to wet

testing, three out ofi\six“pressed concrete piles experienced higher loads than installed

loads and the ¢ti€r three yielded lower loads than installed loads
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Table 5.25 — Empirical Predictions of Axial Capacity of Pressed Concrete Piles
Using Soil Properties, ‘Dry to Wet’ Condition

Pile # Depth(it) Predlcttacti) s(;apacny C;\:Iazac?tt;rzgs) Installatl(tl);s?apacny
1 7.67 31,426 29,000 50,000
2 10.17 34,319 37,000 50,000
3 27.42 71,474 68,566 50,000
7 15.67 41,398 50,400 50,000
8 10.67 39,596 39,000 50,000
9 25.67 67,994 68,000 50,000

Table 5.26 — Empirical Predictions of Axial Capacity of Pressed.Concrete Piles
Using Soil Properties, ‘Wet to Dry’ Condition

Pile # Depth(it) Predlcttacti) s(;apacny C;\:Iazac?tt;rzgs Installatl(tl);s?apacny
4 24.67 60,316 57,940 50,000
6 19.67 48,000 61,800 50,000
10 24.67 60,316 " 65,920 50,000
12 28.67 67,860 61,800 50,000

The piles pushed below the zorie bf seasonal moisture change have shown higher
capacities due to increase in shear strength or cohesion during dry seasons. The three
piles above the depths of (S9aSonal moisture change (normally considered 12 ft in this
area), lost a significant @mount of capacity (22% to 42%) when tested in wet conditions.
Since dry seassiial times normally produce an increase in shear strength in the active
zone the result is that pile depths will be smaller when installed during this season.
However, in the wet season, due to loss of shear strength from moisture increase their
axial capacities are reduced.

When tested in dry conditions, all piles yielded higher loads than those used
during installation. Such variation and lack of consistent prediction of ultimate loads

indicate the need for further research and better estimation procedures for calculating
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predicted capacities of these piles. Use of driven pile methods tends to provide results
that are not in sync with measured loads. Similar to the previous section, axial capacities
are predicted using CPT data and methodology (Tables 5.27, 5.28 and 5.29). Please note
in this approach, side friction measured from CPT was directly used as side friction for
pressed piles. Such approach is considered acceptable since both CPT and pressed piles

do experience similar penetration mechanisms, i.e. quasi-static penetrations.

Table 5.27 — Prediction of 25.67 ft Pressed Concrete Pile Capagity Based Upon CPT,
‘Dry to Wet’ Condition

Side Resistance, Ibs, Rsy N =
Pile # Depth (in) fs (psi) fs‘:‘:.')‘" As(sqin) | YfsAsD
9 60 (0-5) 6 (1360 18.85 6786
60 (5-10) 22 P 1320 18.85 24882
60 (10-15) 8 | 480 18.85 9048
60 (15-20") 8 480 18.85 9048
68(20-25.7") 7 476 18.85 8972.6
AS 0 18.85 0
5 0 0
}_ ol
NN 5 0 0
J 3 0 0
2578/ £ 58736.6
Base Resistance,;lbs;y- gy
Pile # ~ at at tip As (sqin) Rt
9 L 347 2827 |  9809.7
Predicted Total
Capacity, Ibs, 68546.3
Rn

219



Table 5.28 — Empirical Predictions of Axial Capacity of Pressed Concrete Piles
Using CPT for ‘Dry to Wet’ Condition

Predicted Predicted Actual | Installation
Pile # Depth(ft) Capacity in Ibs Capacity in Ibs Capacity | Capacity
. Using Bore Hole
Using CPT Data gData In Ibs In Ibs
1 7.67 34,191 31,426 29,000 50,000
2 10.17 46,105 34,319 37,000 50,000
3 27.42 71,845 71,474 68,566 50,000
7 15.67 51,732 41,398 50,400 50,000
8 10.67 44,795 39,596 39,000 a3 50,000
9 25.67 68,546 67,994 68,006~ 50,000

Table 5.29 — Empirical Predictions of Axial Capacity of Pressed Concrete Piles
Using CPT for ‘Wet to Dry’ Condition.

Predicted | Predicted Actual | Installation
Pile # Depth(ft) | Capacity in b= Capacity in Ibs Capacity | Capacity
Using Bore Hole

Using C‘PI' Data Data In Ibs In Ibs
4 24.67 65963 60,316 57,940 50,000
6 19.67 (58,970 48,000 61,800 50,000
10 24.67 |~ 66,963 60,316 65,920 50,000
12 28.67 70,450 67,860 61,800 50,000

5*
11*

*Pilings broke during installation

As evidenced by the above table, the pressed concrete pilings can be predicted
somewhat closer to measured capacities when CPT side friction results are used. This
approach performs better than those based on undrained soil strength data but it still

requires further calibration and verification. The reasons for better agreement are
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attributed to the similar quasi-static penetration mechanisms used to push the cone
penetrometer and pressed concrete pile.

The important finding from this investigation is that the use of installation
capacity is not necessarily resulted in as an ultimate load for all seasons. Rather this
method resulted in different depths when installed in dry seasons and produces uniform
depths in wet seasons. Due to such high variation in installation depth and their
dependency on seasonal installation procedures, as well as lack of calitwated engineering
models to predict the axial capacities of the pressed piles, engineers should use their
judgment in the selection and use of this method. Further-sesearch in this method will

help in answering some of these limitations.

5.3 Summary

Prediction of drilled shafts and“augercast piles were made with good accuracy using
undrained cohesive properties¢fso0il layers. Strength properties of upper strata have a
major bearing on predictediaxial compression capacity due to differences in strength of
upper layers (0’ to 18"). Helical anchors were accurately predicted using the individual
bearing plate method but with the double helix there was a need to adjust the trailing
helix with a disturbance factor. This approach reduced helix area contribution to ultimate
axial capacity. Prediction of pressed steel pilings does not appear to be accurate when
using soil strength properties. The method that provided better predictions of pressed
pilings’ capacities is the method that has used CPT side friction data for pilings friction

resistance.
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CHAPTER 6

COMPARISONS BETWEEN PREDICTED AND MEASURED CAPACITY

6.1 Introduction

This chapter compares predicted values for the different underpinning elements to
test results for this research. There is also a comparison between “ali foundations with
respect to axial compression results and deflection at time of ultintate capacity.

It should be mentioned that the observations wGted here are based on a few
underpinning foundations tested in this research.Though more numbers of data from
testing underpinnings would have been ideal and statistically important, the present
numbers tested are practically sufficient.to deduce crucial observations on the axial load
transfer performance of these foundaiions.

6.2 Comparison of Predicied to Measured Axial Capacity
6.2.1 Straight DrilleaShafts

Predictient _of axial compressive capacity for the straight drilled shafts were made
using the soil information compiled from soil property data interpreted from CPT results.
As shown in Tables 6.1 and 6.2 as well as Figures 6.1 to 6.4, the predictions are close to
the measured axial loads except for one pier, which exceeded prediction capacity from
both ‘dry to wet’” and ‘wet to dry’ testing conditions. As noted in the soil borings and also
with the CPT, there are lenses in this soil that have higher shear strength and this results

in higher resistance for piers that are installed through these hard discontinuous layers.
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Table 6.1 - Predicted vs. Tested Capacity for Straight Shafts, ‘Dry to Wet’

Condition
Pier # Depth(ft) | Predicted Capacity (Ib) Ac‘”a'(ﬁo")‘Pac'tV

42 15 104,390 126,410
43 15 104,390 104,160
44 15 104,390 100,990

150000 -

R? = 0.9585
100000 1 /o

Predicted Axial Capacity (Ibs)

50000 -
o Dirilled Straight Shafts
—1:1 Line
O T T 1
0 50000 100000 150000

Actual Field Axial Test Capacity (Ibs)

Figure 6.1 - Comparisons of Predicted to Measured Axial Capacities of Straight
Shafts, ‘Dry to Wet’ Condition
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Axial Capacity (Ibs)

r Predicted Capacity
O Actual Capacity

Figure 6.2 - Comparisons of Predicted to Measurefd Axial Capacities of Straight

Shafts, ‘Dry to Wet-{ uiidition

Table 6.2 - Predicted vs. Tested Capacity for Straight Shafts ‘Wet to Dry’ Condition

Pier # Depth(it) Predlct((eltt], sC)apacny Actua(lug::)pacny
39 15 99,165 106,600
40 15 99,165 123,000
41 15 99,165 102,500
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Figure 6.3 - Comparisons of Predicted to Measurea/Axial Capacities of Straight
Shafts, ‘Wet to Dry’ Condition
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Figure 6.4 - Comparisons of Predicted to Measured Axial Capacities of Straight
Shafts, ‘Wet to Dry’ Condition
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Figures 6.1 and 6.3 would have been ideal when the number of tests are higher
than 10. The R? comparisons in such cases would provide explanations on the prediction
capacities of the models used. Here, in this research, this type of comparison figure is still
used, just to show the existence of a trend or a correlation between predicted capacities
and actual measured capacities. Based on the results shown in Figures 6.1 and 6.3, it can
be mentioned that the existing theoretical model to predict axial loads of straight shafts is
providing very good predictions for straight piers tested in both seasan2: conditions of

this research.

6.2.2 Drilled Belled/Under-reamed Shafts
Predictions of Axial Compressive Capacity. for the drilled belled shafts were made
using soil property data interpreted from CPT results. Tables 6.3 and 6.4 as well as

Figures 6.5 to 6.8 present predicted &ad.ineasured capacities of the present belled shafts.

Table 6.3 - Preditted vs. Tested Capacity for Drilled Belled Shafts,
‘Dry to Wet’ Condition

Pieri_~| Depth(ft) | Predicted Capacity (Ibs) Ac‘”a('IE:)Pac'tV
36 15 169,110 180,790
37 15 169,110 172,540
38 15 169,110 168,380

226



200000 -

A R? = 0.9965,4

2 150000 |

5 I

1] L

Q.

8 I

= 100000 —

© L

g 7

< L

o i

g 90000 ¢ + Belled Shafts
3 i ——1:1 Line
o oiwwwwi\\\\\\\\\\\\\\\

0 50000 100000 150000 200000
Actual Field Axial Test Capacity (Ibs)

Figure 6.5 - Comparisons of Predicted to Measured AXial Capacities of Drilled
Belled Shafts, ‘Dry to Wet’ Conaition
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Figure 6.6 - Comparisons of Predicted to Measured Axial Capacities of Drilled
Belled Shafts, ‘Dry to Wet’ Condition
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Table 6.4 - Predicted vs. Tested Capacity for Drilled Belled Shafts, ‘Wet to Dry’

Condition
Pier # Depth(ft) | Predicted Capacity (Ibs) Ac‘”a('lgg)Pac'tV
33 15 176,326 165,500
34 15 176,326 165,500
35 15 176,326 157,060
200000
i ,

5 : R? = 0.9976,

> 150000/

£ 3

© [

Qo L

[+]
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=490000 |

3 i

N i

2 L

B 50000 +

k5 i o Belled Piers

& i —1:1 Line

0O&& ey
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Actual Field Axial Test Capacity (Ib)

Figure 6.7 - Comparison of Predicted to Measured Axial Capacity Drilled Belled
Shafts, ‘Wet to Dry’ Condition
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Figure 6.8 - Comparisons of Predicted to Measu-ed Axial Capacity Drilled Belled

Shafts, ‘Wet (o Lry’

As shown by the comparisons i Figure 6.5 and 6.7, a strong correlation exists

between measured and predicted ¢apacities of belled piers, implying that the procedure

provided by O’Neill and Reeseyresulted in accurate predictions of measured axial loads of

the belled piers. Overillsprediction analyses of both types of drilled shafts (straight and

belled) installed.a{ ditferent seasonal conditions showed that the prediction models can be

confidently used to design these shafts in expansive soil conditions.

6.2.3 Augercast Piles

Predictions of Axial Compressive Capacity for the augercast piles were made

using soil information from CPT data in the same manner as those used for straight shafts

and these results were used in Tables 6.5 and 6.6 as well as Figures 6.9 to 6.12. Two of
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these piles tested were close to the same predicted loads, with one pile showing a slightly
high ultimate capacity.

Table 6.5 - Predicted vs. Tested Capacity for Augercast Piles, ‘Dry to Wet’

Condition
. Predicted Capacity Actual Capacity
Pier # Depth(ft) (Ibs) (Ibs)

47 15 104,390 121,120
49 15 104,390 19E,220
50 15 104,390 _100;990

150000 +

R? = 0.9749
100000 o/ o

Predicted/Axijal Capacity (Ib)

50000 +
r ¢ Augercast Piles
| ——1:1 Line
0 : : : : { T 1
0 50000 100000 150000

Actual Field Axial Test Capacity (Ib)

Figure 6.9 - Comparison of Predicted to Measured Axial Capacity of Augercast
Piles, ‘Dry to Wet’ Condition
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Figure 6.10 - Comparison of Predicted to Measured Axiai Capacity of Augercast
Piles, ‘Dry to Wet’ Condition

Table 6.6 Predicied vs. Tested Capacity for Augercast Piles, ‘Wet to Dry’ Condition

Pier # Depth(ft) Predlct((eltt]) sC)apacny Actua(llgz)pacny
45 15 99,165 110,030
46 15 99,165 106,760
48 15 99,165 106,760
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Overall, the prediction of axial capacity was accurate using the same formulae for
augercast piles as those used for the drilled straight shafts. Therefore, it can be reasonable
that in clay soil, with open hole shafts, capacities should be the same for both augercast

piles and straight drilled shafts.

6.2.4 Helical Anchors

Predictions of Axial Compressive Capacity for the helical anchors were made
using soil boring information from four borings on site in acqbsdance with the Individual
Bearing Plate Method and the added factoring of a distuzbarice factor for the double flight
helix piles. As shown below in Tables 6.7 and 68 3s*well as in Figures 6.13 to 6.16, this

method of predicting capacities was close to mgasured capacities on this site.

Table 6.7 - Predicted vs. Tested Capacity for Helical Anchors, ‘Dry to Wet’

Condition
Pile # Type Depth (ft) Predicted Actual
(dbl/single) Capacity (Ibs) Capacity (Ibs)
27 single 34' 31,645 29,550
28 single 45' 27,265 23,640
31 double 30 29,504 27,580
32 double 28.5' 29,209 27,580
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Table 6.8 - Predicted vs. Tested Capacity for Helical Anchors, ‘Wet to Dry’

Condition
Pile # Type Depth (ft) Predicted Actual
(dbl/single) Capacity (Ibs) Capacity (Ibs)
25 single 34 31,645 24,720
26 single 26 23,182 25,544
29 double 27 28,914 26,780
30 double 32 29,898 28,016

30000 + R? = 0.9358

Przdicted Axial Capacity (Ib)

100680
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Figure 6.15 - Comparison of Predicted to Measured Axial Capacity of Helical
Anchors, ‘Wet to Dry’ Condition
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Figure 6.16 - Comparison of Predicted to Measured Axial Capacity of Helical
Anchors, ‘Wet to Dry’ Cendition

As shown by the comparisosn ‘piots of Figures 6.13 and 6.15, predictions of the
helical anchors were good using/$oil information along with the added factor on the
double helix of a disturbance factor. Due to extensive soil sampling being taken at five
feet intervals, theré«s, always the possibility that lenses with high or low shear strength
may exist. This.can influence the performance of the helical anchor and this is probably
reflected in the single helix that gains most of its strength from end resistance. The
following figures show this discrepancy by breaking out the single and double

performance comparison with predicted capacities.
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Figures 6.17-6.20 show that the predictions are good for both helical types with
slightly lower values being predicted for single helix piles. In the case of double helix
pile, predictions are improved via the use of the individual plate method with a
disturbance factor that accounted for the trailing helix and shaft by closely simulating the
penetration mechanism around the double helix pile. In the case of single helix, however,
there appears to be difficulty in predicting the shear strength around thé flat plate of the
helix. As a result, predictions are slightly on low side. Nevertheless, both prediction

methodologies provided reasonably good interpretation of axial‘load capacities.

6.2.5 Pressed Steel Piles

Predictions of axial compressive capacity for the pressed steel piles were made
using soil properties measured from, soil strata. Load capacities are then determined by
following the total stress (oy“mgthod. The following observations are based on the
comparisons between predicied and actual field load tests on the foundations. Predictions
shown here are based.on soil properties determined from borehole sample test data.

Table 6.5~ Predicted vs. Tested Capacity for Pressed Steel Piles Using Soil
Properties, ‘Dry to Wet’ Condition

Pile # Depth(ft) Predictta(li) s(':)apacity Actua(I“()'::)pacity Installati(?;sfapacity
13 44 35,302 42,000 50,640
14 70 67,722 41,000 50,640
15 75 69,608 48,320 50,640
22 35 33,954 48,320 50,640
23 25 25,435 33,000 50,640
24 26 26,220 52,480 50,640
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Table 6.10 - Predicted vs. Tested Capacity for Pressed Steel Piles Using Soils
Properties, ‘Wet to Dry’ Condition

. Predicted Capacity | Actual Capacity | Installation Capacity
Pile # Depth(ft) (Ibs) (Ibs) (Ibs)
16 57 48,993 41,200 50,640
17 64 56,032 33,784 50,640
18 51 42,960 37,080 50,640
19 58 49,999 39,552 50,640
20 66 58,043 37,492 50,640
21 57 48,993 39,964 ~50,640
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Figure 6.23 - Comparison of Predicted to Measured Capacity of Pressed Steel
Pilings Using Soil Properties, ‘Wet to Dry’ Condition

241




WY 77777777 777777777,

5 /////////////TC//////A

YR A LSS TA SIS TSI

@ Predicted Capacity
3 //////////f/f.[ﬁd O Actual test capacity

et

Axial Capacity (Ibs)

0 20,000 40,000 60,000 80,000

Pressed Steel Pilings
Figure 6.24 Comparison of Predicted to Measured Eie'd-Capacity of Pressed Steel
Pilings Using Soil Properties, ‘Wet to'))ry’ Condition

An important finding from these figuret is)that the prediction of axial capacity
using soil properties did not result in accurate predictions. The following tables and
results show similar comparisons with grediction capacities from CPT side friction test
data. These predictions are cleSe 10 measured loads suggesting the significance using
shear strengths of residuai/state to be used for side friction calculations. It should be
noted that this variafion 1s attributed to penetration mechanisms that result in soil being in
residual state with'the pressing mechanism.

Table 6.11 Predicted vs. Measured Capacities for Pressed Steel Piles Using CPT,
‘Dry to Wet’ Condition

Pile # Depth Pred_icted Ac_tual Insta!lation
(ft) Capacity (Ibs) Capacity (lbs) Capacity (Ibs)
13 44 40,989 42,000 50,640
14 70 52,876 41,000 50,640
15 75 54,501 48,320 50,640
22 35 34,133 48,320 50,640
23 25 29,884 33,000 50,640
24 26 30,642 52,480 50,640
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Table 6.12 - Predicted vs. Measured Capacity for Pressed Steel Piles Using CPT,

‘Wet to Dry’ Condition
. Predicted Actual Installation
Pile # Depth(it) Capacity (Ibs) Capacity (lbs) Capacity (Ibs)
16 57 48,000 41,200 50,640
17 64 50,926 33,784 50,640
18 51 44,749 37,080 50,640
19 58 48,542 39,552 50,640
20 66 51,576 37,492 50,640
21 57 48,000 39,964 ~ . 50,640
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Figure 6.27 - Comparison of Predicted to Measured Field Capacity of Pressed Steel
Piles using CPT, ‘Wet to Dry’ Condition
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As evident from these figures (Figures .25 to 6.28) and tables, prediction of axial
capacity using continuous CPT frietiOn) data has provided better predictions. Certain
problems in these interpretations GO exist and these are attributed to the presence of
strong lenses in the soil witr lwigher shear strength, which may result in establishing of a
piling of short length.~As a result, when moisture returns to this area from rainfall
infiltration, shéarsirength decreases and as a results, the piling with short length will be
able to support only reduced axial capacity.

The final outcome of this analysis is that a continuous soil profiling is needed for
better estimation of axial capacities of pressed steel piles. The CPT is consistent and
simulates the penetration mechanism around pressed steel piles, which are pressed into

the ground using segmental cylinders of steel pipe in a continuous pressing operation.
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6.2.6 Pressed Concrete Piles

Predictions of Axial Compressive Capacity for the pressed concrete piles were
attempted using both soil properties and CPT side friction information (Tables 6.13 and
6.14 as well as Figures 6.29 to 6.32). The following explains a comparison of these
predictions along with the measured capacities.

Table 6.13 - Predicted vs. Measured Capacities for Pressed Concrete Piles Using Soil
Properties, ‘Dry to Wet’ Condition

Pile # Depth Predicted Capacity | Actual Capacity | Installation Capacity
(ft) (Ibs) (Ibs) ” (Ibs)
1 7.67 31,426 29,000 50,000
2 10.17 34,319 37,000.( ) 50,000
3 27.42 71,474 68556 50,000
7 15.67 41,398 50400 50,000
8 10.67 39,596 (39,000 50,000
9 25.67 67,994 5. 68,000 50,000
80000
70000 R2 = 0.97169

¢ Pressed Concrete
Piles

— Linear (Pressed
Concrete Piles)

Predict¢a, Axial Capacity (Ib)

0 v T T T 1
0 20000 40000 60000 80000

Actual Field Test Capacity (Ib)

Figure 6.29 — Comparisons of Predicted to Measured Axial Capacity Using Soil
Properties, ‘Dry to Wet’ Condition
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Properties, ‘Dry to Wet’ Congition

Table 6.14 Predicted vs. Tested Capacity for Pressed Steel Piles Using Soil

Properties, ‘Wet to Dry’ Condition

Predicted Capacity

Actual Capacity

Installation Capacity

Pile# | Depth(ft) (Ibs) (Ibe) (1bs)
4 24.67 60,316 57,940 50,000
6 19.67 48,000 61,800 50,000
10 24.67 60,316 65,920 50,000
12 28.67 67,860 61,800 50,000
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Now predictions were made using CPT data for the pressed concrete pilings for

this test.

Table 6.15 - Predicted vs. Tested Capacity for Pressed Concrete Piles Using CPT,
‘Dry to Wet’ Condition

Pile # Depth(ft) Predicted Capacity | Actual Capacity | Installation Capacity
(Ib) (Ib) (Ib)
1 7.67 34,191 29,000 50,000
2 10.17 46,105 37,000 ~ . 50,000
3 27.42 71,845 68,566 0 50,000
7 15.67 51,732 50,400 50,000
8 10.67 44,795 39,000, 50,000
9 25.67 68,546 68.000 50,000
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Figure 6.33 - Comparison of Predicted Capacity to Measured Axial Capacity Using
CPT, ‘Dry to Wet’ Condition

249




Pressed Concrete Piles

20,000 40,000

60,000 80,000
Axial Capacity (Ib)

71 Predicted Capacity
O Actual Capacity (Ib)

Figure 6.34 - Comparison of Predicted Capacity to Measured Axial Capacity Using

CPT, ‘Dry to Wet’ Condition

Table 6.16 - Predicted vs. Tested Capacity for Pressed Concrete Piles Using CPT,

‘Wet to Dry Condition
Pile # | Depth(ft) Predict%(g Sapacity Actuahg:)pacity Installati(cl)gsglapacity
4 24.67 66,963 57,940 50,000
6 19.67 58,970 61,800 50,000
10 24.67 66,963 65,920 50,000
12 28.67 70,450 61,800 50,000
5

11*

* Pilings Broke During Installation
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This interpretation based on soil properties was good for pressed piles and the
same with CPT data provided better predictions of the capacities for the same piles. As
shown above, the CPT based approach is the best predictor of axial capacity, probably
because the test is similar to the installation of the pressed concrete piles, which are
similar to quasi-static in operation. Hence the CPT approach based interpretation method
accounted for variations in shear strength of soils including properties of thin lenses in
subsoil strata. As a result, the predictions here are close to measured xesults. Hence, for
pressed concrete piles, both interpretation methods are recommended.

Reasons for soil property based interpretation for/pressed concrete piles are close
to measured results (unlike in pressed steel piles) is~due to incorporation of higher side
friction terms for converting them to adhesion to account for higher roughness of
concrete materials.

6.3 Summary

As detailed in this ciapter, predictions of drilled shafts (straight and belled) and
augercast piles are geod indicating current predictive models providing reasonable
predictions. Predictions of helical anchor capacities are also acceptable using the
individual bearing plate method. With multiple helixes, there is a disturbance factor that
must be employed to better predict the ultimate axial compressive capacities. Prediction
of axial capacity of the pressed steel piles is not accurate using soil properties but using
CPT, the predictions are improved. Pressed concrete pile predictions can be made using
soil properties; however these axial capacity predictions are more accurate when the CPT

friction data is used.
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CHAPTER 7

OVERALL AXIAL CAPACITY COMPARISON

7.1 Introduction

In this chapter, several comparisons were made among the uirderpinnings used in
this research. The main intent of these comparisons is to explairi-che seasonal variations
on the axial load capacities of the foundations as well as.to.cxplain the effects of the type
of foundation on the final load capacities.
7.2 Effects of Seasonal Variations

As mentioned earlier, this study was'a first time attempt to address the ultimate
load capacities of underpinning fourdations installed in dry (summer) and wet (spring)
seasons. It should be noted lidre that the tests were conducted in the alternate seasons, i.e.
installed in wet or spriag yeason and tested in dry or summer season.
7.2.1 ‘Dry Season to Wet Season’

Table 7.1 and Figure 7.1 present axial load capacities of the underpinning

elements installed in summer season and tested in spring or wet season.
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Table 7.1 - Comparison of Axial Capacities of Different Underpinning Methods,

‘Dry to Wet Season’
Straight Belled Augercast | Helical Pressed Pressed
Shafts Shafts Piles Piles Steel Piles | Concrete Piles
104,160 180,790 121,120 29,550 48,320 29,000
100,990 172,540 105,220 23,640 33,000 37,000
126,410 168,380 100,990 27,580 52,480 68,566
27,580 42,000 50,400
41,000 39,000
48,320 £9,566
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Figure 7.1 - Comparison of all Underpinning Methods, ‘Dry to Wet’ Condition
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It should be noted that the lengths and diameters of each of the foundations are
different and hence exact comparisons based on their predictions should not be
addressed. Results in Figure 7.1 indicate that the drilled shafts (straight and belled) and
augercast piles yielded higher capacities among the present underpinning methods. All
these foundations were installed in August 2004 and tested in April 2005.

Belled shafts yielded highest capacities with predominant loads Contributed from
the bell portion. Among the helical and pressed piles, pressed concrete capacities are not
uniform whereas pressed steel piles provided similar load\capacities. Helical piles
provided lower capacities and their lengths are betweenttiose of the pressed concrete and
pressed steel foundations.

7.2.2 Wet Season to Dry Season
Table 7.2 and Figure 7.2 present axial load capacities of the underpinning elements

installed in spring season and tesi¢d in summer or dry season.

Table 7.2 - Comparison of Axial Capacities of Different Underpinning Methods,
‘Wet to Dry’ Condition

Straight Belled Augercast Helical Pressed Pressed
Shafts Shafts Piles Piles Steel Piles | Concrete Piles
106,600 165,500 110,030 24,720 41,200 57,940
123,000 165,500 106,760 25,544 33,784 61,800
102,500 157,060 106,760 26,780 37,080 65,920
28,016 39,552 61,800
37,492
39,964
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Figure 7.2 - Comparisons efZ.1“Underpinning Methods (Wet to Dry Condition)

Again, (bbsihidrilled shafts (straight and belled) and augercast piles yielded higher
capacities among the underpinning methods installed in April 2005 and tested in August
2005. All foundations showed a much more consistent capacity when they were tested
during this seasonal environmental condition. Also the lengths of each of the
underpinnings of this seasonal group are higher or the same when compared to the earlier
seasonal group, since the foundations were installed in a wetter season when the soils are

soft in nature and allowed a deeper penetration into the clay soil.
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There was negligible difference between ultimate axial compression capacity in
straight drilled shafts and augercast piles. This condition is expected since both
foundation installation methods have some similarities. Therefore, the skin friction
allowance for the straight drilled shafts should be included similar to the augercast piles

in clay soil.

7.3 Overall Comparisons

The following table 7.3 compares all foundations act@ss various seasons.

Table 7.3 - Comparison.cf’All Underpinning Systems Across All Seasons

Straight Belled Augercast Helical Pressed Pressed
Shafts Shatis Piles Piles Steel Piles | Concrete Piles
104,160 180,790 121,120 29,550 48,320 29,000
100,990 ~ [\ 172,540 105,220 23,640 33,000 37,000
126,410 ! 168,380 100,990 27,580 52,480 68,566
106,600 165,500 110,030 27,580 42,000 50,400
123,000 165,500 106,760 24,720 41,000 39,000
102,500 157,060 106,760 25,544 48,320 68,566
26,780 41,200 57,940
28,016 33,784 61,800
37,080 65,920
39,552 61,800
37,492
39,964
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Figure 7.3 - Comparisons 20\ Oifferent Underpinning Methods Across All Seasons

Regardless-aiithe season, the drilled shafts and augercast pilings show consistent
capacities and higher ultimate axial loads than the rest of the underpinning techniques
tested in this research. With the pressed concrete pilings, the depth of penetration is a key
element in recording a high axial compression capacity. In the case of pressed steel
pilings, there is considerable variation among the lengths of pressed pile systems.

Helical piles did not show any dependency on the type of seasonal installation.

Since these foundations derive their capacities from residual shear strength parameters
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below the helix(s) and not along the pipe stem, seasonal moisture changes do not appear

to have a measurable effect on their ultimate capacity.

7.4  Load Versus Deflection at Failure
It was recognized during the test that the different methods showed different
deflection patterns leading up to the ultimate failure load. To further understand these

deformations, average load at failure was plotted against deflection at the initial ultimate

capacity.

Table 7.4 - Load vs. Deflection for Different Underpinning Methods- ‘Dry to Wet’

Season

Average Load at Underpinning
Failure Average Deflection at Failure Type
110,520 0.182 straight shafts
173,903 0.198 belled shafts
109,110 0.3 augercast piles
27,088 0.306 helical piles
44,187 0.39 pressed steel
48,755 0.155 pressed concrete
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Figure 7.4 - Load vs. Deflection for Different Underpinning Groups
“Dry to Wet’ Season

Table 7.5 - Load.vs. Deflection for Different Underpinning Methods- ‘Wet to Dry’
Season

Average Load at Underpinning
Failure Average Deflection at Failure Type
110,700 0.116 straight shafts
162,687 0.164 belled shafts
107,850 0.217 augercast piles
26,265 0.386 helical piles
38,179 0.591 pressed steel
61,865 0.199 pressed concrete
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Table 7.6 - Overall Comparison of all Methods and Both Seasons

Average Load at
Failure Average Deflection at Failure
110,610 0.149 straight shafts
168,295 0.181 belled shafts
108,480 0.258 augercast piles
26,677 0.346 helical piles
41,183 0.491 pressed steel
55,310 0.177 pressed concrete
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and Both Seasons
The deflection point at ultimate capacity was slightly greater for the augercast pile
than for the straight or belled shaft. This may be attributable to installation procedures
where spoil from the hole is removed by grout pumping and not by visual cleaning of the
hole with an auger bit as is the case with the drilled shafts. It should also be noted that
this difference may only be measurable because these holes are relatively short where end

bearing has a higher contribution to ultimate capacity.
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As shown in the tables and on the figures above, the pressed steel and helical piles
showed the greatest amount of deflection in reaching their ultimate load. These results
mirror this engineer’s own personal experience in using helical piles for remedial work
on foundations of houses. The pressure that was required to “seat” the helical piles prior
to applying a load to lift a house appears to be similar to these test results. The amount of
deflection recorded for this test, however, was much less than this engineer has witnessed
in previous observations. This difference in deflection was probably.tne result of a
connection method used by a different supplier where a looses connection separated
slightly as the helix pulled the bar into the ground and createdstension in the stem, which
was then compressed downward when a load was appligo:

It should be noted that the design enginecxt piust consider the amount of deflection
recorded to get to ultimate capacity in this whderpinning system when deciding to use
helical piles for new construction sice there is no opportunity to “seat” the pile prior to
receiving the building load.

It is also obviouy: that the pressed steel pile records a considerable amount of
deflection prior to reaching its ultimate strength, which is probably the result of a small
diameter piling aid much less material skin friction than concrete elements. The pressed
concrete pilings showed similar deflection behavior to the drilled piers. Therefore, it
appears that material skin friction is a key element in side friction of a piling in clay soil.
7.5 Summary

This chapter presented an overall comparison between the foundation systems
across seasonal moisture changes. The drilled straight shafts and augercast piles provided

similar capacities with the belled piers showing the highest capacity of any underpinning
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system. Helical anchors showed the lowest capacity but their capacities were very
consistent. Pressed steel pilings showed the largest deflection prior to reaching ultimate
capacity and their capacities varied a considerable amount.

The pressed concrete pilings showed a large variation primarily because some of
the pilings installed in the dry period could not be pushed beyond the active zone. When
the pressed concrete pilings were installed below the active zone, however, they
performed similarly to drilled shafts, but with proportionally less ultimate capacity in

comparison with their size.
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CHAPTER 8

SUMMARY AND CONCLUSIONS

8.1 Introduction

Foundation distress and subsequent failure will continue to_be ja problem for
homeowners, especially when they are built in expansive clay, soils. As a result,
underpinning to mitigate deflection problems for slab-on-grade foundations in contact
with these expansive soils will continue to be remedial measures adapted in the field.
Because of the wide spread use of piers, piling jand helical piers, this research was
undertaken to address the axial load transier mechanisms in these foundations. This
research will be helpful to provide insights to the practitioner, engineers and homeowners
while deciding the proper methad 6f underpinnings for foundation repairs. It should also
be mentioned that the reseaich results and conclusions can be further corroborated by
conducting additionaistudies on different expansive soil sites.

The major conclusions and summary information from the present study are
summarized in the following section.
8.2 Summary and Conclusions

The following conclusions and summary information was obtained from this
research conducted on six different underpinning systems installed in an expansive soil

zone.
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8.2.1 Summary

1.

Predictions of axial compression capacity of the drilled shafts, belled piers and
augercast piles were close to measured capacities. Hence, the pier or pile
capacity procedures using the FHWA-IF-99-025 design manual (FHWA
1999) are considered reliable methods for estimations of axial capacities of
these foundations in expansive soil media.

Use of a 60° layout plan for field testing of large numbexs.of piers and piles

was proven to be effective and efficient in the field lead testing operation.

8.2.2 Conclusions

1.

There was a negligible difference between ultimate axial compression
capacity in the straight drilled shafts and augercast piles. The skin friction
allowance for the drilled shaits®should be the same as the one allowed for
augercast piles in clay, 691, Also, the deflection readings at ultimate capacity
were slightly greatey for the augercast pile than for the straight or belled shaft.
This diffeterice may be attributed to construction procedures in that the
augercas) pile normally does not produce a clean bottom surface whereas in a
drilled shaft, the bottom surface can be inspected before placing concrete by
either looking in the hole or running a camera in the case of open holes and by
probing when pouring under slurry.

There was a negligible difference in ultimate axial compression capacities of
the majority of drilled underpinnings between ‘dry to wet’ and ‘wet to dry’

seasonal conditions. While shear strength in upper layers did increase while
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going from ‘wet to dry’ season, drying induced soil shrinkage from the
pier/pile (near surface) might have mitigated the increases in axial capacity.
Time of soil sampling has a major bearing on predicted axial compression
capacity. If insitu or soil sampling tests is made during the dry season, shear
strength parameters might have been increased for upper clayey layers due to
desiccation related drying. Conversely, the wet season strength parameters are
low and may provide lower, but conservative design pararaeters.

This research also indicates that the non-contributing, depth of soil considered
for shafts appeared to be important when fowdidation tests were performed in
dry season. The non-contributing lengths-from thin wire measurements show
that they vary from 3 ft to 4 ft, sligitly less than the recommended 5 ft value.
If soil sampling and testing.is"attempted in the wet season, this research
indicates that the total ‘ghatt depth should be included in the predictions of
axial capacity siride'soil around the upper layers is in contact with shafts.
Installation“af)helical piles shows that the installation process of the helix in
claysy‘medium may not pull into the ground efficiently to prevent augering of
the helix and thus producing a trailing section of loose soil. Therefore the
helical anchors will many times require seating using pressure from a
structure in order to obtain the maximum capacity of the helical piles. With
the presence of this void, larger deflection in helical piles installed in new
construction jobs must be anticipated in clay soils and the design engineer

must allow for this deflection accordingly.
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6.

10.

In this research, when the installation torque was constant and same for helical
piles, there was minor or very little difference in ultimate axial compression
capacity between single and double helix piles. The double helix piling did,
however, produce a more consistent ultimate capacity.

There was no obvious or major difference in the ultimate axial capacities of
the helical piles installed in ‘dry to wet” and ‘wet to dry’ conditions.

The Individual Bearing Plate method proved reas¢nabie approach in
estimating capacity of the single helix. With the double helix, however, it is
necessary to apply a disturbance factor to beiCluded in the axial capacity
formulation to simulate disturbed stafte\ et soil condition. This disturbance

factor was found to be an approximate 80% for this research. Therefore

contributing axial capacity stipport of the trailing helix was only 20% of the

leading helix capacity aé/reasured by area of helix and shear strength of soil.

Pressed steel piliags show the greatest amount of deflection prior to reaching
their ultimate gapacity. Both pressed concrete and steel piling systems yielded
congistent at their ultimate capacity when they were installed during the wet
period. Deeper penetration depths for these pressed piles were obtained, which
indicate that the final capacity of these piles depend on length of the pile, and
installation as well as testing seasonal conditions.

Pressed concrete pilings appear to perform in an identical fashion as those of
drilled concrete piers but with an obvious reduction in axial load capacity due

to smaller size of the pressed concrete pile dimensions.
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11.

12.

13.

14.

When pressed concrete pilings were installed shallower than the zone of
seasonal moisture change (between 10 ft and 15 ft for this test), they tend to
loose most of the installation capacity, i.e. up to 42% of the installation load.
When these same pilings are installed below 15 ft in this soil and in these
climatic conditions, they have gained 37% over installation capacity.

Three of the final six pressed concrete pilings were broken either during
installation or during testing. It is not known if this failuzo.wvas due to the
movements of reaction beam or due to bending momexnts.caused by lateral soil
shrinkage around the piling during the dry perioa:

The pressed concrete pilings used in this, research were installed with a #4
reinforcing steel bar passed through the.center of the piles with the hole filled
with Portland cement grout. Both*feinforcement and grouting enhance lateral
load resistance as well as«fieXural capacity of this foundation system. Hence,
the present pressed, ‘ce¢iicrete pile results are valid for this type of pressed
concrete pile.system. The performance of pressed concrete pilings without any
reinforcemient or bonding may have problems simply due to lesser tensile and
flexural resistances.

Predicting axial compression capacity of pressed steel pilings does not appear
to be accurate when using soil properties from laboratory tests on samples
collected from the field. When the continuous CPT profiling with side friction
measurements was used to estimate the capacities, they appear to match with
the measured ultimate loads. This correlation is especially strong when the

pilings were installed sufficiently below the active zone. This indicates that
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15.

soil is around pressed piles are in residual shear strength state, which is well
captured by the side friction of CPT. Also, the mechanisms of penetration for
pilings and CPT are similar and hence there is a strong correlation between
side friction estimation in both methods.

Overall comparisons of the six underpinning methods show that the belled
shaft has the highest axial load capacity followed by the straight shaft and
augercast piles. Though cost comparisons are not included here, it can be
qualitatively mentioned that the costs of drilled shafts-and augercast piles for
underpinning can be significantly high in expeises when compared to the rest
of the underpinning methods. However, tlie-final selection of the underpinning
foundation system should not hcy based on the cost of installation and
construction of them. Such practice may lead to further problems to residential

structures in the future

8.3 Recommendations for Future Studies

The follewing areas of research are suggested for future studies.

1.

Testing of pressed steel and concrete should be attempted using standard
installation pressures that would emulate a one story house. These
standard pressures appear to be at installation load, between 25,000 lbs
and 35,000 Ibs.

Testing of pressed steel and pressed concrete pilings in expansive clay soil

to measure uplift movement and/or pressures.
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Testing of non-joined pressed concrete pilings to determine axial load
capacity and influence of active soil uplift movement against the
segmental piling string.

Testing of pressed steel and concrete pilings in sandy soil to determine
axial compressive capacity over time and water table drawn-down.

Further testing of pressed steel and pressed concrete pilings with
projections using CPT site data.

Comparative testing of augercast piles and drilledsfraight shafts should be
done in sandy soils using both casing and sharcy nstallation for the drilled
shafts to compare axial compressive’(Capacity with these installation
techniques.

Testing of straight drilled.shaits should be attempted in expansive clay
soils using casings %O\oOvercome caving conditions to address if the
increase in shaft didmeter mitigates perceived skin friction loss along the
casing patimeder.

Additienal testing of drilled shafts across seasons with installation and
timie of soil testing (in situ or bore hole) to determine/confirm if time of

soil testing has an effect on total shaft length consideration.
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APPENDILY A

TYPICAL UU TRIAXYAL MOHR CIRCLES
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Figure A1 - UU Triaxial Tests Determination of ¢ and ¢, with Two Soil Samples.
Boring #2, 45ft to 50ft
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Figure A2 - UU Triaxial Tests Determination of ¢ and ¢, with Three Soil Samples.
Boring #3, 0 to 5ft
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This project would not have been possible without the combined contributions of
the following individuals who donated services, material, equipment, time and
money. The magnitude of their contribution was a very humbling ezent and told me
how much they wanted to be apart of this ground breaking, research. To have the
support of the engineering community across the United. States told me this research
was important. Support from the foundation undetpirning industry to the magnitude
reflected below, however, told me that this *esfing had been needed for a long time
and would potentially change the industry< At the very least, this research will create
a climate for additional testing thar-will lead to many more worthwhile discoveries
that will not only help an industry but bring greater value to the residential foundation
repair market and uliitgately increase value to the homeowner and help protect and

remediate their ‘greatest value.

1. ADSC, Industry Advancement Fund- Seed money

2. ADSC, South Central Chapter- cash sponsorship

3. Advanced Foundation Repair, Dallas, Texas- 12 pressed concrete piles
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10.

11.

12.

13.

14.

15.

16.

17.

18.

19.

Allied Drilling company, Ft. Worth, Texas- drilling shafts and belling piers
for testing

ATS Dirilling, Ft. Worth, Texas- Reinforcing steel for reaction piers
Cameron Machine Shop- Miscellaneous Welding and fabricating

Con-Tech Systems, LTD- Donation of 100 ton test ram for use to test in April,
2005 and August 2005

Custom Crete Concrete- Concrete for reaction piers

Dywidag Corporation- 48 reaction bars, machining of bars, engineering and
couplings

Fox Foundation Repair, Dallas, Texas- pi¢w/piie test plates

Fugro Geotechnical Engineers, Dallas,. Texas- 4 soil borings

Greg In Situ, Houston, Texas —.2 CPT logs and generated analysis

[lini Drilled Foundation,*)aiiville, Illinois- augercast piles

Lindamood Excavatings Irving, Texas- Hydralift for moving of beams
McKinney Dridling Co., Ft. Worth, Texas- Drilling reaction piers

Ram Jack Foundation Repair, Dallas, Texas- 12 pressed steel piles, 4 helical
anchers and miscellaneous welding and fabricating

N.L. Schutte, Dallas, Texas- Reaction Beams

29 days crane service

S & W Foundation Contractors, Richardson, Texas- augercast and drilled pier
labor and trucking

Texas Shafts, Ft. Worth, Texas- Tying of steel and crane service to set

reinforcing steel for reaction piers

282



20.

21.

22.

Mike Trotter General Contractor and the Trotter Companies, Doraville,
Georgia.

Farrell, Ed — donation of ranch land for test for 16 months and not requiring
clean-up of site.

Clayton and Johnnie Stephens- time, labor and coordination
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